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PREFACE 



It is not the purpose of the authors to present the usual methods of 
design of simple structures which have been adequately treated in 
many textbooks, but to attempt to analyze some of the more complex 
problems which arise in the design of buildings and structural frame- 
works Many of these complexities are due to interaction of the many 
members of the structural frame and to the effects of deformations 
frequently neglected in analyses. 

It is probable that many present-day methods of stress analysis and 
design are more accurate than our knowledge of the actual forces which 
our structures may be called upon to withstand. Especially is this 
true of buildings the nature of whose contents and uses cannot be pre- 
dicted with accuracy. Also wind forces and earthquake forces are 
highly indeterminate. It is our purpose to indicate permissible simph- 
fications in methods of calculation which are in accord with the elastic 
action of the structures and which give results of sufficient accuracy. 

Numerous examples, worked out in sufficient detail to illustrate the 
methods, are presented to assist the designer in setting up his particular 
problems. A previous knowledge of the usual methods of analysis 
and design of simple structures is presumed as well as a knowledge of 
the mechanics and strength of materials. 

Much of the material in this textbook has been used in courses of 
lectures given to senior and graduate students in civil and architectural 
engineering at the Ohio State University and at Swarthmore College. 
Chapter IX, " Radio and Transmission Towers," gives methods of 
calculation for both free standing and guyed towers and for trans- 
mission towers in bending and in torsion. Chapters X and XI, " Indus- 
trial Buildings" and "Welded Design," are the results of recent 
experience in the design of modern industrial plants. 

Where applicable, free use has been made of methods which have 
appeared in various technical publications, acknowledgment of author- 
ship being made in the text or in footnotes with references to sources. 
Special acknowledgment is due the Bethlehem Steel Company for per- 
mission to publish their welding design charts and for other assistance, 
the Austin Company and the International Stacey Corporation for 
photographs, and the American Institute of Steel Construction and the 
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American Welding Society. Much has also been gained by a study of 
the publications of the Lincoln Electric Company. 

It is hoped that the book will prove useful as a textbook in advanced 
courses in the design of structural frameworks as well as a reference 
book for engineers and designers. 

Clyde T. Morris 
Samuel T. Carpenter 

May, 1943 
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CHAPTER I 



LOADS 

1. Live Load. The primary purpose of a building is to contain and 

shelter Hve loads. By live load is meant any load which is not 
permanently fixed as a part of the building, such as office furniture, 
safes, filing cases, and other fixtures, as well as the actual weight of the 
people using the building. 

The amount of live load for which to design a structure depends of 
course upon the use to which it is to be put, and in buildings it is often 
difficult to predict the nature of the contents a few years in the future. 
Also different parts of the same structure should be designed for differ- 
ent unit live loads, depending upon their location and the probability of 
their ever receiving the full amount of live load which would be theoreti- 
cally possible. 

2. Floor Loads. The floor slabs and beams should be designed for 
the maximum probable concentrated live load, such as a piano or heavy 
piece of furniture in a dwelling, and an office safe or heavy piece of 
machinery in an office building. It is not usually considered probable 
that a floor beam will receive the load from more than one of these 
heavy concentrations at one time. 

The actual weight of the ordinary furniture in a dwelling or apart- 
ment usually averages less than 10 lb per sq ft and rarely exceeds 15 lb. 
In offices, the average may be about 12 or 15 lb per sq ft, with a maxi- 
mum in a very few offices of 60 to 75 lb per sq ft.* 

The corridors, stairs, and places where crowds of people may assemble 
should be designed for much heavier loads. In experiments,! by select- 
ing tall men, weights of crowds have been secured as high as 183 lb per 
sq ft on the floor, and with 122 lb per sq ft " a man could elbow his way 

♦ See Report oj Building Code Committee, U. S. Department of Commerce. 

Eng. News-Record, March 29, 1923, p. 584. 

Am. Architect, Aug. 26, 1893. 

fEng. News, Vol. 51, p. 360. 

Eng. News, Vol. 53, p. 341. 

Trans. Am. Soc. Civil Engrs., Vol. 54, p. 441. 

" Floor Load Requirements," by R. Fleming, Eng. News-Record, Vol. 80, p. 1227. 
" Structural Design of Buildings," by C. C. Schneider, Trans. Am. Soc. Civil 
Engrs., Vol. 54, p. 371. 
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through it only with perseverance and determined effort." These loads 
were obtained with selected tall men. Probably a mixed crowd would 
seldom exceed 100 lb per si ft, and that only for limited areas. 

For stores, warehouses, and manufacturing buildings, the live load 
must be taken in accordance with the purpose for which the building 
is designed. In warehouses and rooms for storage purposes it is well 
to have the safe live load capacity conspicuously posted. 

3. Roof Loads. Flat roofs of office buildings, apartments, hotels, 
etc., which can be loaded w-ith crowds of people, should be treated as 
floors, but it usually is not considered probable that the maximum live 
load of people would occur at the same time as the maximum snow load. 
If the roof is safe for a crowd of people weighing 40 to 50 lb per sq ft, 
the snow load usually may be neglected. 

The snow load will vary with the locality and with the slope of the 
roof. Mr. C. C. Schneider, in his General Specifications for the Struc- 
tural Work of Buildings, gives the following : 

A snow load per horizontal square foot of roof, of 25 lbs. for all slopes up 
to 20°; this load to be reduced 1 lb. for every degree of increase in slope up 
to 45°, above which no snow is to be considered. 

Mr. Chas. Evan Fowler, in his General Specifications for Steel Roofs 
and Buildings, gives a table for snow loads in various parts of the 
United States and for various slopes of roof. The original table assigns 
no snow load to roofs of 45° slope or steeper, and none to the Southern 
States or the Pacific Slope. Severe sleet storms have been known as 
far south as Florida, which would put an ice coating on a vertical wall 
nearly an inch thick. The table below has therefore been modified 
from Fowler, by using a minimum load of 5 lb per sq ft of surface. 



Snow Loads 



Location 


Slope of Roof 


45° 


35° 


25° 


20° 


15° 


Southern States and Pacific Slope 


5 


5 


5 


5 


5 


Central States 


5 


8 


15 


22 


30 


Rooky Mountain States 


5 


10 


18 


26 


35 


New England States 


6 


12 


20 


33 


45 


Northwest States 


5 


14 


25 


37 


50 



4. Live Load to Columns. It is not considered probable that all the 
floors of a building, not built for storage or manufacturing purposes will 
be loaded to their maximum capacity at the same time, and for that 
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reason it is usual to reduce the live loads assumed to be carried by the 
columns to a value below that for which the floors are designed * 

A common practice is to design the columns for the full live load of 
the roof and top floor, to reduce the live load going to the columns from 
the other floors 5% for each floor, proceeding downward until 50^0 of 
the specified floor load is reached, and to use 50% for eacli of the 
remaining floors. Some codes use the same rule except that 10% is 
used for the reduction per floor until 50% is reached. The U. S Build- 
ing Code Committee recommends an even greater reduction than is 
given by the above rules. This is shown in the following table. 
Reduction of Total Live Loads Carried 

Carrying 1 floor 

Carrying 2 floors 

Carrying 3 floors 

Carrying 4 floors 

Carrying 5 floors 

Carrying 6 floors 

Carrying 7 floors or more ° 

5 Dead Loads.t The dead load in a building consists of the weight 
of the walls,- floors, partitions, roofs, structural frame, and all other 
permanent construction. As this constitutes the ma3or portion of the 
total load to be carried, its calculation must be made with great care. 
Dead load estimates are usually made from design drawmgs, and sub- 
sequent changes in details, deflection of forms, and inaccuracies m 
construction may increase the dead load beyond the original estimate. 
Especially is this true of the floors and fireproofing m multi-storied 

'"'^Thrdesign of the structure must begin, logically, with that part which 
supports the live load directly, the floor and roof slabs and proceed 
along the path of the stresses to the foundations, which are the last 
parts to be designed. Thus, the design begins with the roof, and pro- 
ceeds through the floors and columns to the footings. 

The dead load must be calculated as the design progresses, and the 
dead load for each part must be checked and corrected, if necessary, 
after the design of it is completed. , , . 

Tables of weights of building materials are to be found m various 
handbooks. The interior partitions of an office building are usually 

--MmimnmLiveL^dsM^a™ 

^0^. nemin. En, Ne^s-Uecord, 

SsLf ?n Am. concrete InsUtu^e. September-October, 1937, p. 498. 
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capable of being moved, and it is customary to add about 10 lb per sq 
It of floor to the dead load, to cover the weight of these partitions 
rr % w J-"^^"-* ^ ^t'^dy of the wind velocities recorded by the 
U b. Weather Bureau indicates a wide distribution over the country 
of high wind occurrence, and there seems to be no adequate reason for 
exempting any locality on the North American Continent from the 
probability of sometime experiencing indicated wind velocities of 100 
miles per hour or more. 

The wind velocities published by the U. S. Weather Bureau are 
average velocities over a 5-min period, indicated on the standard four- 
cup Robmson anemometer. Studies of these instruments at the 
Weather Bureauf have shown that these indicated velocities are too 
high, the error ranging up to 24% for indicated velocities of 100 miles 
per hour. 

The wind pressure to be used in the design of buildings must not only 
take into account these average velocities over 5-min periods, but also 
must provide for gust velocities which may exist for only a fraction of 
that period. Observations by the U. S. AVeather Bureau show gust 
ve ocities 17 to 50% in excess of the maximum one-mile corrected 
velocity.^ 

Eliminating several records which M'ere obtained on the summit of 
Mt. Washington, N. H. (elev. 5500 ft), as representing conditions which 
are not applicable to the vicinity of large cities, the highest velocity in 
the records of the U. S. Weather Bureau is 128 miles per hour which 
was secured at Miami Beach, Fla., Sept. 18, 1926. When this 'is cor- 
rected for instrument error and gust effect, it gives a maximum wind 
pressure of about 58 lb per sq ft. 

Most of the anemometers of the U. S. Weather Bureau are located 
relatively close to the ground, and the question at once arises as to how 
much greater velocities may be experienced at elevations of 1000 or 
1500 ft. In this connection it also must be borne in mind that in the 
congested districts of large cities where excessively high buildings are 

r,*?F "^A? ^'""J*" Co-^^ittee on Wind Bracing in Steel Bu,lding.s, 

Civil Eng., March, 1931, p. 478. 

" Wind Formulas and Their Experimental Basis," by Robins Fleming Enn 
News, Jan. 28, 1915, p. 160. eimng, j^ng. 

95, ' mft To6? °" ^'^^ Buildings," Eng. News-Record, Vol. 

" Wind Pressures on Structures," by Hugh L. Dryden and Geo. C. Hill, Scientific 
fapers of the Bureau of Standards, No. 523. 
Monthly Weather Rev., April, 1924. 
tEng. News-Record, December 9, 1926, p. 948. 

" High Wind on Mt. Washington," Eng. News-Record, May 10, 1934. 
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usually located, the general elevation of the roofs of the surrounding 
buildings may be as much as 200 or 300 ft above the ground. 

Another method of evaluating high wind pressures is to calculate the 
forces which must have been equaled or exceeded in order to produce 
certain observed damages. This method was applied by Mr. Julius 
Baier* to the results of the St. Louis tornado of May 27, 1896, and it 
was also applied to the damages wrought by the Florida hurricane of 
1926.t These studies indicate that the average intensity of the pressure 
increases as the area of exposure decreases. In the St. Louis tornado, 
the pressure necessary to overturn a brick stack must have equaled 
85 lb per sq ft, whereas it was necessary to have a pressure of only 20 
lb per sq ft to cause the observed damages to a large grain elevator. 

After consideration of all the factors, the Committee on Wind Brac- 
ing of the American Society of Civil Engineers made the following 
recommendations regarding the wind forces to be used in the design of 
buildings.^ 

(1) As a standard wind load for the United States and Canada, the 
Subcommittee recommends a uniformly distributed force of 20 lb per 
sq ft for the first 300 ft above ground level, increased above this level 
by 2.5 lb per sq ft for each additional 100 ft of height, no omission of 
wind force being permitted for the lower parts of the building by reason 
of alleged shelter. Special wind-force specifications should be formu- 
lated locally for areas that are definitely known to be subject to hurri- 
canes or tornadoes. 

(2) For proportioning the wind bracing of tall buildings it is not 
necessary to divide the wind force into pressure and suction effects, 
although this generally should be done for structures with rounded 
roofs, for mill or other buildings with large open interiors, and for walls 
in which large openings may occur. The effects of possible high local 
suction should be investigated in relation to secondary members and 
the attachment of roofing or siding. 

(3) For plane surfaces inclined to the wind and not more than 300 ft 
above the ground, the external wind force may be pressure or suction, 
depending on the exposure and the slope. For a windward slope in- 
clined at not more than 20° to the horizontal, a suction of 12 lb per sq 
ft is recommended; for slopes between 20° and 30° a suction uniformly 

* Trans. Am. Soc. Civil Engrs., Vol. 37, 1898, p. 221. 

t " Final Report of the Committee on the Florida Hurricane," Trans. Am. Soc. 
CivU Engrs., Vol. 95, 1931, p. 1118. 

t See " First Progress Report," Committee on Wind Bracing, Civil Eng., March, 
1931, p. 478; also " Sixth Progress Report," presented Jan. 17, 1939, and the " Final 
Report," in' Trans. Am. Soc. Civil Engrs., Vol. 105, 1940, p. 1713. 
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diminishing from 12 lb per sq ft to zero; and for slopes between 30° and 
60° a pressure increasing uniformly from zero to 9 lb per sq ft. For 
the leeward slope, for all inclinations in excess of zero, a suction of 9 
lb per sq ft is recommended. 

(4) For roofs that are rounded, or may be represented roughly by a 
circular arc passing through the two springings and the ridge, the wind 
force will depend not only upon the exposure and the ratio of rise to 
span of the equivalent circular arc, but also upon whether the spring- 
mgs are elevated above the ground or are on the ground. Where the 
surfaces considered are not more than 300 ft above ground level the 
recommended external wind force is as follows: 

(a) On windward quarter of the roof arc, when the roof rests on 
elevated vertical supports, and where the rise ratio is less than 0.20, a 
suction of 12 lb per sq ft is recommended; and for a rise ratio varying 
from 0.20 to 0.60, a pressure increasing uniformly from zero to 12 lb 
per sq ft, or, alternatively, for rise ratios between 0.20 and 0.35, a 
suction varying uniformly between these limits from 12 lb per sq ft to 
zero is recommended. For roofs springing from the ground level a 
pressure, for rise ratios varying from zero to 0.60, uniformly increasing 
from zero to 11.4 lb per sq ft, is recommended. 

(b) For the central half of the roof arc, where the roof rests on 
elevated vertical supports, with rise ratios varying from zero to 0.60, a 
suction uniformly varying from 11 lb per sq ft to 20 lb per sq ft 'is 
recommended; for roofs starting from ground level, a suction of 11 lb 
per sq ft, regardless of the rise ratio, is recommended. 

(c) For the leeward quarter of the roof arc, for all values of the rise 
ratio greater than zero, a suction of 9 lb per sq ft is recommended. 

(5) It is recommended that for a flat roof a normal external suction 
of not less than 12 lb per sq ft should be considered as applied to the 
entire roof surface. 

(6) On walls parallel to the wind it is recommended that an external 
suction of 9 lb per sq ft should be considered. 

(7) Even for buildings that are nominally airtight, internal wind 
forces of either pressure or suction may exist, varying from 3 to 6 lb per 
sq ft, and depending on whether the openings are generally in the wind- 
ward or in the leeward surfaces. Large internal pressure may arise 
due to the breaking of windows in the windward side of buildings by 
reason of flying gravel from the roof or other objects carried by the 
wind. Still larger internal forces of pressure or suction may arise when 
the windward or leeward side of a building is completely open. The 
Subcommittee recommends that for buildings that are nominally air- 
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tight an internal pressure or suction of 4.5 lb per sq ft should be con- 
sidered as acting normal to the walls and the roof. For buildings with 
30% or more of the wall surfaces open, or subject to being open, an 
internal pressure of 12 lb per sq ft, or an internal suction of 9 lb per sq 
ft, is recommended; for buildings that have percentages of wall openings 
varying from zero to 30% of the wall space, the recommendation is an 
internal pressure varying uniformly from 4.5 to 12 lb per sq ft, or an 
internal suction varying uniformly from 4.5 to 9 lb per sq ft. 

(8) The Subcommittee recommends that the design wind force 
applied to any surface of a building be a combination of (a) the afore- 
mentioned appropriate external wind force, and (6) the appropriate 
indicated internal wind force. 

(9) Where a series of roofs exists in one building, one roof being 
nominally masked by another, the structure as a whole should be 
designed for the full wind load on the first roof and for 80% of the wind 
load on the other roofs. Any one roof should be designed for the full 
wind load. 

(10) When wind surfaces are more than 300 ft above the ground, the 
external and internal wind forces should be scaled up in the proportion 
that the prescribed wind force on plane surfaces normal to the wind 
fixed by recommendation (1) at the level under consideration bears to 
20 lb per sq ft. 

7. Earthquake Effects. The destructive motion in an earthquake is 
horizontal and consists of a continuous oscillation such that the veloci- 
ties along the path of motion vary approximately as the ordinates to a 
sine curve. From this the 

Max. acceleration = -^;2" 

in which a = amplitude of oscillation, 

T = time for a complete oscillation. 

The horizontal force applied to the structure is caused by its inertia and 
is 

F = W 

in which W = weight of the structure above the point at which the 
shear is desired, 
g = acceleration due to gravity = 32.2 ft per sec per sec. 

Seismological records indicate values of amplitude and time such 
that the force exerted ranges upward to 0.25 TF or 0.30 TF for very severe 
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earthquakes. Most authorities agree that a horizontal force should 
be provided for in the design of structures in regions subject to earth- 
quakes of O.IW to 0.2TF. The forces are treated in a manner similar 
to wind forces.* 

* See various monographs on Earthquake-proof Construction, pubHshed by the 
Portland Cement Association and the American Institute of Stee) Construction. 

Vnijorm Building Code, Pacific Coast Building Officials Conference. 

Building Code of the City of Los Aiigeles, August, 1933. 

Eng. News-Record, June 22, 1933, p. 804, and Dec. 28, 1933, p. 779. 

Dynamics of Earthquake Resistant Structures, by J. J. Creskoff, Consulting En- 
gineer, Washington, D. C. 

" Flexible First Story Construction for Earthquake Resistance," by N. B. Green, 
Proa. Am. Soc. Civil Engrs., February, 1934. 

" Engineering Seismology," by Kyoji Suyehiro, Proc. Am. Soc. Civil Engrs., 
May, 1932, Part 2. 

" Progress of Earthquake Resistant Design," by Henry D. Dewell, Civil Eng., 
October, 1939, p. 601. 
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FIREPROOF FLOORS 

The engineering problems involved in the design of a building 
naturally start with the load-bearing floor system, for upon the type of 
design selected for the floor depends the design of the beams, girders, 
columns, and foundations. The major portion of the load to be carried 
by the structural frame consists of the dead weight of the floors, walls, 
and partitions, and the first requisite of a good design is the choice of 
the type of floor best suited to the architectural requirements, loading, 
and geographical location. 

Buildings in the congested districts of our cities are required by law 
to be flreproof, and, if not so required by law, economy would indicate 
that they should be highly fire-resisting. Concrete, brick, and tile have 
long been recognized as the best fire-resisting materials of construction, 
and their use in the construction of fireproof buildings is universal. 

8. Early Types. Before the introduction of reinforced concrete, 
brick arches sprung between iron or steel beams, as shown in Fig. 1, 




Brick Arch 



were the most common type of fire-resisting floor, and this type is still 
used to a limited extent for warehouse or other floors carrying very 
heavy loads. 




Corruaafed Iron Arch 

Corrugated iron arches sprung between I-beams as shown in Fig. 2 
were also used. With this type the corrugated iron was used as a form 

9 
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to hold the concrete until set, and it was thought that the concrete after 
hardening would carry the loads as an arch. This latter assumption is 
not borne out by experience. There is little strength left in the floor 
after the corrugated iron ha^ rusted away. 

With either form of arch, it is necessary to tie the I-beams together 
with rods to resist the thrust of the arch. These tie rods are not so 
important in the interior panels where the thrusts from adjacent arches 
act against each other, but the entire thrust of an outside panel must be 
resisted by the tie rods. 

These forms of floor left the bottom flanges of the I-beams exposed 
to the action of fire, and it was soon recognized that they were to that 
extent not fireproof. Steel is not combustible but neither is it fireproof, 
as a relatively low degree of heat softens it and destroys its strength. 
Various methods of protecting the lower flanges with metal lath and 
plaster have been tried, but with only partial success. If a flat ceiling 
is desired, it must be suspended from the floor beams as shown in Fig. 2. 

These floors are heavy and require more supporting steel work than 
the lighter types of reinforced concrete and hollow tile floors which are 
now used in fireproof construction. 

9. Hollow Tile Arches. Terra cotta as a construction material was 
first introduced in 1871 and rapidly replaced the heavier brick and 
concrete types of floor construction which were then in use. For the 




heavier loadings, segmental arches were used as shown in Fig. 3, but 
the flat arch shown in Fig. 4 was the type which was almost universally 
used until the newer types of reinforced concrete floor were introduced 
in the early years of the present century. In the flat arch the skew 
blocks are cut away at the bottom for the bottom flange of the I-beam, 
and a small soffit block under the bottom flange is held in place by the 
adjacent skew blocks and the mortar bedding. 

Flat arch floor tile units are classifled as end construction or side 
construction, depending upon the direction of the openings or cells with 
respect to the line of thrust. Figure 4 shows a flat arch floor which 
has all end construction blocks with the exception of the keys. Figure 
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5 has side construction skews and keys. Tile, being a clay product, 
has been fired at very high temperatures in manufacture and is more 
nearly fireproof than almost any other building material. Long- 
continued conflagrations have practically no dehydrating effect upon it. 
Its cellular construction also helps to insulate the floor against both 
heat and sound. The supporting falsework is quite simple, does not 




Terra Cotta Flaf Arch 



interfere with operations on the floor below, and may be removed after 
24 to 36 hr and reused many times. These advantages are partially 
offset by the difficulty of fitting it into irregular spaces, the necessity 
of having all supporting beams parallel or nearly so, and the possibility 
'of having cracked or broken tile covered up in the work and not 
detected. 




Courtesy of Engineering Experiment Station, Ohio State University. 

Fig. 5. Typical Flat Arch Floor Installation. 

In present-day practice the tile setter frequently has to break out the 
side wall of the lower cell in order to clear the tie rod. A little care in 
the drafting room in spacing the holes in the beams for the tie rods so 
that the tie rods could come in the mortar joints between the tile rows 
would ehminate the necessity of breaking the tile units. 

As shown in Fig. 5, the tile arches are usually covered with 2 or 3 in. 
of cinder concrete in which nailing strips are bedded for securing the 
wood floor, or on which a tile, terrazzo, or cement finish may be placed. 
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This topping will undoubtedly add somewhat to the strength of the 
floor. 

In selecting a spacing for the supporting beams it should be borne in 
mind that the beams and tile should be about the same depth in order 
that the filling material on top of the tile may be kept at a minimum. 

In spite of their wide and long-continued use in floor construction, no 
very satisfactory method of design is in common use. Their design is 
accomplished almost entirely by reference to safe load tables published 
in various handbooks. The safe loads are always given in pounds per 
square foot of floor, uniformly distributed, and very little information 
is available concerning the action of these floors under concentrated 
loads.* 




Tests at the Ohio State University Engineering Experiment Stationf 
show that, at failure, the action of the arch is analogous to that of a 
simple truss, as shown in Fig. 6. Quoting from the bulletin above 
referred to, 

In order to present the results of all tests in tangible form, we have 
chosen safe working stresses in steel and tile at 0.3 of those found at test 
failure. This corresponds to a factor of safety of SVs and sets the allowable 
internal compressive force at 3000 lb per key (or tile row) and the allowable 
unit stress in the tie rod steel at the familiar figure of 18,000 lb per sq in. of 
net section at the root of thread. 

Let C = total compression in the tile, assumed to act % in. below the 
top of the tile, 
T = total tension in the tie rods, 
h = effective depth of the arch. 

* " Tests of Hollow Tile Flat Arch Floors," by Clyde T. Morris, Eng. Record, 
April 29, 1916, p. 584. 

t " Strength of Flat Arch Floor Construction," by Clyde T. Morris and George 
E. Large, Bulletin 78, Ohio State University Engineering Experiment Station. 
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Then 



Ch = Th = — — (all units in feet and pounds) 



For the case of a 6-ft span with an effective depth of 7% in. (12-in. 
tile), 

8 X 0.625 X 3000 f nr u. t t 

w = = 416 lb per so ft safe DL + LL 

6X6 ^ ^ 

The required net area of tie rod for a single row of tiles (12 in. wide) 
would be 

3000 . 

= 0.167 sq m. 

18,000 ^ 

This would require %-in. tie rods spaced about 2-ft centers, or 1-in. 
rods spaced about 3.3-ft centers. If, as it often happens, 12-in. tiles 
are used to carry design loads much less than 416 lb per sq ft of floor, 
the steel area may be reduced in direct proportion. The tile stress will, 
of course, be less than the allowable. It was found in these tests that 
the strength of the floor when the first crack appears depends directly 
upon the initial tension in the tie rods, and it is therefore important that 
these be well tightened before the tile is set. A little experience in 
tapping with a hammer will enable the inspector to judge the uni- 
formity of tie rod tension. 

The table of safe loads on page 14 is derived from various published 
safe load tables compared with the tests of 12-in. tile floors at the Ohio 
State University. The safe loads in this table are calculated on the 
assumption that there is sufficient steel in the tie rods to develop the 
full strength of the tile, that the tie rods are placed as low as possible 
on the web of the I-beams, and that they are tightened to an initial 
stress of about 18,000 lb per sq in. 

10. Reinforced Concrete Slabs. Because of its well-fostered promo- 
tion as a building material, the rapid advance in the art of using it, 
and its increasing popularity as a fire-resisting material, reinforced con- 
crete has largely replaced hollow tile in floor construction. The first 
concrete floors were solid slabs supported on steel or reinforced concrete 
beams as shown in Fig. 7. It is assumed that the student is familiar 
with the principles of reinforced concrete construction and their appli- 
cation to simple beams and slabs.* 

* Reinforced Concrete Design, by Sutherland and Reese, and Concrete Plain 
and Reinforced, 4th Ed., by Taylor, Thompson, and Smulski, 
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Tebra Cotta Flat Abchbs 
Safe Load Table. Dead Load Plus Live Load 
Factor of safety 3}ri 



Depth 


6 in. 


8 in. 


10 in. 


12 in. 


15 in. 


Wt./sq ft 


26 lb 


32 lb 


381b 


42 lb 


501b 


Span 












3 ft 6 in. 


244 


571 


897 


1224 


1715 


4 ft 0 in. 


187 


438 


688 


938 


1312 


4 ft 6 in. 


148 


346 


517 


741 


1037 


5 ft 0 in. 


120 


280 


440 


600 


840 


5 ft 6 in. 




232 


363 


496 


694 


6 ft 0 in. 




194 


306 


416 


583 


6 ft 6 in. 




166 


260 


355 


497 


7 ft 0 in. 






224 


306 


429 


7 ft 6 in. 






195 


266 


374 


8 ft 0 in. 






172 


234 


328 


8 ft 6 in. 








208 


290 


9 ft 0 in. 








185 


259 



11. Combination Slabs. Theoretically, the only value of the con- 
crete below the neutral axis in a slab is to transmit the horizontal shear 
from the longitudinal reinforcement to the' compression area of the 



Simple Reinforced Concrete Slab 



lir 



concrete. There is usually a great deal more concrete present in a 
solid slab than is necessary for this, and, in order to reduce the dead 
load, hollow tile is frequently bedded in the lower part of the slab as 
shown in Fig. 8. This produces a combination floor which is consid- 



ID 



Solid Tile Ceilin p 



erably lighter than a solid concrete slab and is but little weaker for the 
same total depth. The tiles are placed far enough apart to admit the 
reinforcing bars between them, and the floor is in effect a series of 
reinforced concrete T-beams with the spaces between the webs filled 
with hollow tile, thus producing a flat ceiling below. 
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The difference in the porosity of the tile and the concrete makes this 
ceiling undesirable when it is to be plastered, as the bands of different 
materials will soon show through the plastering, giving an unsightly 
appearance. This may be prevented by using flat slabs of tile under 
the concrete webs as shown in Fig. 9. This will reduce the effective 
depth of the T-beam by the thickness of the tile plate. 

If the faces of the tile are well scored and the tile is thoroughly clean 
and wet when the concrete is placed, there is no doubt that there is 
sufficient bond between the tile and the concrete to take care of the 
horizontal shear at the top surface of the tile and make it permissible 
to include the top wall of the tile as a part of the flange area of the 
T-beam. The bond between the vertical webs of the tile and the con- 
crete may not be perfect because of difficulty of tamping in the narrow 
webs, and it is on the side of safety to regard only the concrete web 
in computing the shearing stresses. 
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Johnson System 

Figjo 

Another combination tile and concrete floor, known as the Johnson 
system, was invented by E. V. Johnson, and the patents are controlled 
by the National Fireproofing Company. The reinforcement is placed 
entirely beneath the tile and is formed of a heavy wire mesh. The 
rows of tiles are placed with about 1-in. mortar joints between them 
and with the reinforcing embedded in 1 to 11/2 in. of mortar below the 
tile. On top of the tile usually there is placed 1 to 3 in. of concrete. 
The construction is shown in Fig. 10. The Johnson system requires a 
tight floor for a form upon which to build it, but the rib floors shown 
in Fig. 9 require only planks under the ribs wide enough to support the 
edges of the tiles. This is shown in Fig. 11. 

A later development which has attained wide use introduces sheet 
metal forms between the webs of the T-beams, omitting the tile en- 
tirely. This method is called " pan " construction and produces a 
series of T-beams as shown in Fig. 12. These sheet metal forms may 
be removed and reused after the concrete has set. The pans are usually 
20 in. wide. The thickness of the stem may be made to suit the loads 
to be carried. It is usually about 4 in. thick, which gives a spacing of 
24 in. center to center. The thickness of the slab above the pan is 
usually 2 to 4 in., again depending upon the span and loads. The 



16 



FIREPROOF FLOORS 



depths of the pans may also be varied. For long spans the shearing 
stresses may be so great as to require the thickening of the webs near 




Courtesy National Fireproofing Co. 

FiQ. 11. Perspective View of Typical One- Way Combination Floor, 
their ends. This is done by using one or more sections of tapered pans 
as shown in Fig. 13. 



'Pan" Consfrucfion 

The ribbed types of fioor described in this article do not lend them- 
selves well to the development of continuity over the supports. If a 




Tapered Floor Pans 

EigJS. 

slab is fully continuous over the supports, the maximum negative 
moment is about double the maximum positive moment at mid span. 
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The ribbed construction, either pan or combination tile and concrete, 
permits the bending up of the reinforcement near the supports, and the 
adding of negative steel over the supports ; but the compression area at 
this point, consisting merely of the webs of the T-beams, is not sufficient 
to take care of the compressive stress. For this reason these floors 
frequently require a section of solid slab extending out from the sup- 
ports far enough to take care of this nega- 
tive bending. 

12. Two-Way Slabs.* When the floor 
panels between beams are square or nearly 
square it is both necessary and economical 
to reinforce the slab in both directions. 
This makes a thinner slab possible and 
necessitates the use of supporting beams in 
the lines of the columns only. An exact 
analysis of the stresses in the slab is difficult 
though not impossible but an approximate 
solution may be obtained by considering 
the relative deflections of the various parts 
of the slab under uniform load. This gives 
results which are safe, and accurate enough 
for purposes of design. 

If ABCD, Fig. 14, represents a rectangu- 
lar slab, supported on the four sides and 

carrying a uniform load, we may consider the load on any element of 
the area as being carried by the two elemental strips of the slab, inter- 
secting at right angles at the elemental area. Thus, the elemental strips 
a-b and c-d are assumed to carry the elemental load at the center, 0. 

The deflections of the two elemental strips at their point of inter- 
section are equal. Calling this deflection at 0, y, we have, for the two 
strips a-b and c-d, 

^ " 384£'7 384e7 

in which W2 is that part of the load carried by the longer element a-b, 
and Wi is that part carried by the shorter element c-d. 
From this it follows that 

W2 ^ 




[1] 



* See " Moments and Stresses in Slabs," by H. M. Westergaard, Proc. Am. Con- 
crete Inst., Vol. VII, 1921, p. 415. 
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The factor %84 may not be correct for the load distribution existing, 
but it will be the same for both strips and will therefore cancel out. 

The proportion of the load carried by any elemental strip mcreases 
as the point of loading approaches the support, until at the support all 
of it is carried by the element normal to the support. This follows 
from a consideration of the deflections. 

The form of the curve of loading may be, for convenience, assumed 
to be a parabola with its vertex at the middle, as shown by the curve 
c-O-d in Fig. 14(b). 

Consider any other elemental strip, parallel to c-d, as e-;. ine 
portion of the load at g, carried by e-/, will be less than the portion of 
the load at 0, carried by c-d. This is shown by the curve c-g-d m 
Fig 14(f)) Thus it will be seen that for full uniform load the maxi- 
mum unit stress in the slab occurs at the center of the middle element, 
and it is permissible, therefore, to reduce the amount of remforcing 
proceeding outward from the center. 

The maximum bending moment in the short strip c-d from the 
parabolic loading assumed, may be shown to be 

wb^ (6L**+b') foi* 

The corresponding moment in the long strip ab is 

When these two-way slabs are continuous over three or more spans, 
the moments as calculated above for a simple two-way slab may be 
diminished according to the following statement evolved originally for 
one-way slabs. 

For buildings, floor slabs which are continuous over more than two 
spans where the dead loads are large in comparison with the live loads, 
and where probability of entirely unloaded panels is small, may be 
designed for : 

(1) A maximum positive moment of two-thirds the maximum simple 
span moment, and 

(2) a maximum negative moment of eight-ninths the maximum 

simple span moment. 
The required thickness of the slab is determined from the larger of 

* For ready use, curves may be constructed showing variation of the coefficient 
of the bending moment for various ratios of L to b. 
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these two moments, and the amount of reinforcing required in each 
direction at the middle is determined as for a simple slab carrying an 
equal bending moment. 

The spacing of the reinforcing rods required by the above calcula- 
tions for the middle strip in each direction may be used for the entire 
middle half of the slab, and half 
this number of bars may be equally 
divided between the two outer quar- 
ters, the spacing being gradually in- 
creased outward. 

13. Girders for Two-Way Slabs. 
From the analysis of the stresses in 
the two-way slab given in Art. 12, 
the distribution of the loads to the 
supporting beams must be some- 
what as shown in Fig. 15. The 
middle ordinate of the loading dia- 
gram for the long beam will be the 
reaction of the short middle strip 
of the slab, and, likewise, the 
middle ordinate of the loading dia- 
gram for the short beam will be the reaction of the long middle strip 
of the slab. These respective middle ordinates are as shown in Fig. 15. 
This may be shown by integrating the area under the parabola of 
loading shown in Fig. 14(b). 

The shape of the loading curves for the supporting beams may be 
assumed to be a parabola of the nth degree, and the sum of the areas 
under these two curves must equal half the total load on the slab, or 
y2'wbL. 

For the long supporting beam, with the origin of coordinates at 0, 
the equation of the loading curve is 




t A 1 Shorf Beam i f\ i 



EigJS. 



= ky 



[4] 



when X = L/2, y = rriL, and k 



Similarly, for the short supporting beam, k = 



(L/2)" 

{b/2)\ 
ms 



Integrating the areas under these two loading curves and equating 
the sum to i^wbL, the exponent n is found to be 3. The loading curve 
is a cubic parabola. 
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If Wl = total load on the long beam, and 
Ws = total load on the short beam, 

wbL , . 3L^ + 



wbL 36* + L* 

The maximum bending moments in the two beams will be 

= 1.2 X ^ [7] 



and 



Ms = 1.2 X ^ [8] 



in which Ms maximum moment in the short beam, and 
Mi = maximum moment in the long beam. 

These loads and moments are based on a single panel. If the beams 
also carry loads from adjacent panels, as is usually the case, these must 
be calculated in a similar manner and added. 

Here again, a curve sheet showing the division of the slab load 
between the long and short beams for various ratios of L to 6 is 
convenient. 

If end connections are adequate and conditions for continuity are 
present, the moments may be modified according to the amount of 
end restraint present. 

14. Two-Way Combination Slabs. The weight of a two-way slab 
may be reduced by the insertion of lightweight units on the tension 
side of the slab as described in Art. 11 for the combination tile and 
concrete floor. Tiles with open ends cannot be used in a two-way slab, 
as the concrete from the ribs would run into the cells and little ad- 
vantage in weight would be gained. Usually concrete blocks made 
with a light aggregate, such as cinders or bloated clay, are used. These 
may be cast in any desired size, but are usually about 12 in. square and 
4 to 6 in. thick. , The concrete ribs between the blocks are usually 4 to 
6 in. wide. Figure 16 shows the construction. 

Pressed steel domes are sometimes used in place of the filler blocks, 
producing a floor analogous to the pan construction. 

These floors are analyzed in all respects similar to the solid two-way 
slab described in Art. 12. The reinforcing bars must of course be 
spaced uniformly, but, if economy in material is sought, smaller bars 
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may be used in the outer ribs than are required in the middle ribs. 
This requires care in the field inspection to see that the proper rods 
are placed in the various ribs. 



^^Lighf Weight Blocks^ 
Enlarged Cross Section 



Two - Wa y Combination Slab 



15. Bar Joists. Lightweight floors of long span are frequently con- 
structed with bar joists as shown in Fig. 17. These consist of longi- 
tudinal rods, top and bottom, connected by rod trussing welded to 
them. These small trusses may be obtained of almost any span and 
depth desired. These joists are hung from the supporting girders or 
walls and are spaced 16 to 24 in. apart. They should be tack welded 




Bar Joists 

SgJI 



or clamped to the flanges of the supporting girders to prevent move- 
ment during construction, and the first diagonal of the truss should 
start downward as close to the flange of the girder as possible, as 
shown at a in Fig. 17. 

An expanded metal sheet is wired to the top of the joists on which 
a thin concrete slab is poured. Expanded metal lath is also wired to 
the lower flange and plastered from below to form a flat ceiling. To 
prevent buckling during construction, crossed wires are used as bridg- 
ing and tightened by twisting. The proper adjustment of this bridg- 
ing is quite important.* 

*See account of bar joist collapse in Atlanta, Ga., Eng. News-Record, Sept. 2, 
1937, p. 375. 



22 



FIREPROOF FLOORS 



Bar joist floors constructed in the manner described above are per- 
mitted as " fireproof " construction by most building codes, but are not 
nearly so fire resistant as liollow tile or concrete. The only protection 
of the steel from below is the plastered ceiling. 

Bar joists have been used as reinforcing for solid concrete slabs 
carrying heavy loads. When properly placed, this type of reinforcing 
provides for the shearing and diagonal tensile stresses in a most ex- 
cellent manner. A lightweight floor of this type may be constructed 



stone Concrete 
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by using a lightweight concrete for the lower part of the slab with a 
topping of 2 or 3 in. of stone concrete. The lightweight concrete may 
be made by using lightweight aggregate, such as cinders or bloated 
clay, or by introducing a bloating reagent into the concrete mixture.* 
Such a floor is described in Engineering News-Record, Nov. 9, 1933, 
p. 565. The construction consists of a slab of an expanded, lightweight 
cellular concrete in which bar joists are embedded. These joists serve 
to support the dead load of the floor and forms until the concrete is set. 
On top of the Aerocrete, a layer of stone concrete 2 to 3 in. thick is 
placed to take the compression. This construction is shown in Fig. 18. 



^Drop Panel 
'"Column Head 



Cross Section of Girderfess Floor 
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16. Girderless Floors. The so-called flat slab construction con- 
sists of a slab of reinforced concrete so designed that it transfers the 
floor loads directly to the columns without the use of beams or girders. 
It is widely used for warehouse and manufacturing buildings, and is 
adaptable to any construction having reinforced concrete columns 
spaced approximately equidistant in the two directions, and in which 
interior girders for wind bracing are not required. See Fig. 19. 

* This is called Aerocrete. Patents are controlled by the Aerocrete Corporation 
of America. 
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This type of floor was first brought out by Mr. C. A. P. Turner, 
and, when constructed according to his patents, is called the " mush- 
room " system. It consists essentially of a reinforced concrete floor 
slab cast integrally with the columns and reinforced with rods cross- 
ing the tops of the columns in four directions. The maximum stress in 
the slab occurs over the columns, and, for this reason, the top of the 
column is spread into a capital, thus increasing the thickness of the 
slab at that point. A modification of this system makes use of a drop 
panel, or thickening of the slab for a distance surrounding the column 
cap. 

The advantages of this system are a reduced story height for a given 
clearance between floor and ceiling, better lighting due to the absence 
of shadows on the ceiling, cheaper construction due to the simplicity 
of the forms for the floor, and a better interior appearance when in- 
terior partitions are absent. For an analysis of the stresses and 
methods of design of floors of this type, see Concrete Plain and Rein- 
forced, by Taylor, Thompson, and Smulski. 



17. Concentrated Loads on Slabs.* In the design of reinforced con- 
crete floor slabs carrying concentrated loads, the designer is immediately 
confronted with the question of the width of slab which is effective 

* Bulletin 80, Engineering Experiment Station, Ohio State University. 
Public Roads, Vol. 7, No. 1, March, 1926. 
Public Roads, Vol. 11, No. 1, March, 1930. 




Y, 
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in resisting the stresses caused, by the load. The following discussion 
is taken mainly from Bulletin 80 of the Engineering Experiment Station 
of the Ohio State University, and only the results applicable to the 
design of building floors will be given. 

The distribution of the stresses in a slab simply supported on two 
edges and loaded with one or more concentrated loads, as shown in 
Fig. 20, depends mainly upon the span and the relative distance of 



the loads from the supports. The term " effective width " has come 
to be recognized as that width of slab used in designing, taken on a 
line through the load parallel to the supports, over which a concen- 
trated load may be considered as uniformly distributed, which will 
give the same calculated maximum unit stress in the slab as that actu- 
ally produced by the load. 

For loads on a single element of the slab as shown in Figs. 20 and. 21, 
the effective width may be taken as 



in which E = effective width, 
s = slab span, 

C = diameter of a circle over which the concentrated load 
is assumed to be uniformly applied. 

Equation 9 contemplates a slab extending in each direction from the 
element on which the loads are applied, a distance at least equal to 
0.8 of the slab span. For safes or trucks with iron wheels running 
directly on the slab, C should be taken as 2 to 4 in. For rubber-tired 
trucks it may be taken as one inch for each thousand pounds load on 
a wheel. 




E = 0.6s -t- 2C 



[9] 
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X 

Fig. 22 



When loads are applied simultaneously on other parallel elements 
of the slab, as shown in Fig. 22, the moment in the element Xr-x is 
increased, the amount of this increase being 



Percentage increase = 



100 



1 + 10 



in which y = distance between the parallel elements. 



[10] 



CHAPTER III 



BEAMS AND GIRDERS 

18. Simple Beams. The reader is assumed to be familiar with the 
design of simple members in flexure as given in textbooks on the de- 
sign of simple structures. 

In most beams and girders the stresses in the compression flanges 
are critical, and specifications give formulas for reduced working 
stresses as the slenderness ratio increases. Frequently in building 
construction the entire top flange of a steel beam or girder is encased 
in the floor slab as shown in Fig. 7. After the concrete has set, this 
constitutes ample support to prevent buckling, but, if the forms are 
suspended from the beam, the distance between positive supports of 
the compression flange must be considered in calculating stresses due 
to the weight of the forms and wet concrete. 

19. Web Stresses. At the supports and at points where concen- 
trated loads are applied the webs of beams and girders must be stiffened 
to prevent buckling. Special consideration must be given to diagonal 
compressive stresses in the webs of girders in which the unit shearing 
stresses are high.* 

The requirement of the specifications of the American Institute of 
Steel Construction (1941) that the webs of plate girders shall be 
stiffened when the ratio h/t exceeds 8000/Vs is probably safe. In 
this equation, 

h = clear depth of the web between flanges, 
t = thickness of the web, 

s = maximum unit shearing stress in the panel assuming that 
the web takes all the shear and that it is uniformly dis- 
tributed over the web area. 

* " Elastic Stability in Structures," by S. Timoshenko, Trans. Am. Soc. Civil 
Engrs., Vol. 94, 1930, p. 1000. 

" Stability of the Webs of Plate Girders," by S. Timoshenko, presented before 
Structural Division, American Society of Civil Engineers, June, 1933. 

"Stiffener Spacing for Plate Girder Webs," by Otis E. Hovey, Eng. News- 
Record, March 12, 1931, p. 446. 

" Elastic Stability of Webs of Plate Girders," by Otis E. Hovey, Bulletin 374, 
American Railway Engineering Association, February, 1935, p. 718. 

" Strength of Webs of I-Beams and Girders," by H. F. Moore and W. M. Wilson, 
Bulletin 86, University of Illinois Engineering Experiment Station. 

" Web Buckling in Steel Beams," by Inge Lyse and H. J. Godfrey, Trans. Am. 
Soc. Civil Engrs., Vol. 100, 1935, p. 675. 
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The requirement of the specifications for longitudinal spacing of 
intermediate stiffeners also probably is safe so long as the distance 
between stiffeners does not exceed the 

clear depth of the web. |- * ^ 

20. Composite Beams. When steel JT | =jp=-^ 



'Neufrat Axis 



beams are completely encased in concrete, -^emij^i^. 
as shown in Fig. 7, it is permissible to | 
consider the beam as a composite section 
for carrying loads which come upon it 
after the concrete has fully hardened. 
Dead loads applied prior to the hardening of the concrete are carried 
entirely by the steel section. The stresses in the composite section 
may be figured in all respects similar to reinforced concrete T-beams.* 
Figure 23 represents a steel I-beam encased in concrete. The follow- 
ing notation is used : 

= area of steel beam, 
Ib = moment of inertia of steel beam, 

n = ratio of modulus of elasticity of steel to that of concrete, 
6 = effective width of slab which may be considered as flange, 
/ = equivalent moment of inertia of transformed section, 
jc = extreme fiber stress in concrete at top, 
/s = extreme fiber stress in top of steel beam, 
/s = extreme fiber stress in bottom of steel beam. 
The usual assumption is made that the concrete in the stem below 
the slab is disregarded in the stress calculations. The following equa- 
tions give the necessary relationships for calculating the fiber stresses 



2\bl + uAb] 

42 



= fc< [{^ + (kd - 0' + n[lB + AB{a- kdf] 



[2] 



Mkd 



/<= = — • [3] 

^, M{kd - d')n 

L = j [4] 

_ M{d~ kd)n 

/s — J [5] 

*See Concrete Plain and Reinforced, by Taylor, Thompson, and Smulski, 4th 
Ed., Vol. I, pp. 215 et seq. 

" Gunite and Concrete Encasement to Increase the Strength of Structural 
Steel," Bulletin 37, Engineering Experiment Station, Ohio State University. 
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21. Floor Framing Layouts.* The arrangement of the floor gir- 
dersf is usually dictated by the column spacing, which in turn is de- 
termined more or less rigidly by the space requirements of the prospec- 
tive tenants of the building. 

The arrangement and spacing of the 
floor beams are determined by the type 
of floor which is to be used. As the 
floor and floor framing constitute a 
considerable portion of the cost of a 
building, it is wise to give the problem 
some study. As a rule, the most eco- 
nomical system is that which transfers 
the load most directly from its point 
of application to the supports. The 
following of this rule blindly would 
result in floors consisting of slabs sup- 
ported only by the girders connecting 
the columns, and if the spans were long 
this might give a floor of excessive 
weight. 

Figure 24 illustrates three methods 
of framing for a panel 18 ft X 22.5 ft. 
As shown in Fig. 24(a), the entire 
opening 18 ft X 22.5 ft might be 
floored with a two-way slab as de- 
scribed in Art. 12 or it might be 
floored with a ribbed slab as shown 
in Fig. 8, or Fig. 12. In the latter case 
the beams AC and BB would carry 
little load and would be used mainly 
as column spacers. 

The framing of Fig. 24(6) would 
permit the use of a thin slab (Fig. 7) 
or tile arch floor (Fig. 5) . All trans- 
verse beams, including AC and BT>, 
would carry the same floor load and AB and CD would be heavy 
girders. 

The framing shown in Fig. 24(c) provides an indirect path from the 
load to the column supports. 

♦"Stress Paths and Economical Framing," by Geo. Booss, Jr., Eng. News- 
Record, Sept. 2, 1937, p. 402. 

fThe term floor beam is here used to designate beams carrying floor loads 
directly ; the term girder indicates a beam carrying other beams. 
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To illustrate the relative economies of the three arrangements shown 
in Fig. 24, the floor surface will be assumed to be %-in. oak, laid on 
a 2-in. cinder concrete fill on top of the reinforced concrete slab with a 
suspended ceiling below. The estimate of dead load follows, assum- 
ing a two-way slab as in Fig. 24 (a) : 



%-m. oak flooring 2.6 lb per sq ft 



2-in. cinder concrete 


16.7 


Suspended ceiling 


10.0 


Slab, say 6 in. thick 


72.0 


Dead load = 


101.3 lb per sq ft 


Live load = 


80 " " " " 


Total 


181.3 " " " " 



From equations [2] and [3] of Art. 12: 

Ms == 5570 ft-lb and Ml - 4680 ft-lb 

If the panel is an interior panel and the slab is continuous over 
several adjacent panels, two-thirds of the above simple span moments 
may be used. This will require a slab of about 6 in. total thickness 
if a permissible unit stress in the concrete of 1000 lb per sq in. is used. 

The design of the supporting beams must be more or less a trial 
and error process because of the weight of the beam and its encase- 
ment, which depends on the beam size. For the long beams the load 
from the slab, from equation [5] of Art. 13, will be 

X 22.2 = 44.4 kips 
and the bending moment from equation [7], Art. 13, is 

Ml = 150.00 ft-kips 

To this must be added the moment due to the weight of the beam 
itself and its encasement. There is usually little difference in the 
tensile unit stress in the steel beam whether the reinforcing effect of 
the concrete encasement is considered or not. The encasement of 
course greatly reduces the compressive unit stress and the deflection. 

The beam encasement will extend about 10 in. below the slab and 
will be 16 in. wide. This adds about 215 lb per ft to the load to be 
carried, giving a total bending moment of 

M = 150.0+13.6 = 163.6 ft-kips 

Using a permissible tensile unit stress of 20,000 lb per sq in., the re- 
quired section modulus is 98.2, giving a 12 in. WF at 79 lb. 



30 



BEAMS AND GIRDERS 



Estimated weight below slab 

(160 - 23)144 

10 m. X 16 m. = 137 lb 

144 

(23 sq in. = area of beam) 

Beam weight = 79 

Total = 216 lb 

By the same process the required size of the short beam is 12 in. WF 
at 50 lb. 

For the arrangements shown in Figs. 24(6) and 24(c) the slab span 
is 4 ft and 6 in., and a 3-in. reinforced concrete slab is sufficient. The 
required sizes of beams and girders are shown on the sketches. 

Estimates have been made of the following: 

(1) Dead load to each column. 

(2) Total concrete per panel. 

(3) Total structural steel per panel. 

(4) Estimated cost per panel. 

In estimating the costs the same unit price per cubic foot ($0.80) has 
been used for all concrete, including reinforcing steel, although it is 
recognized that the arrangements shown in Figs. 24(6) and 24(c) would 
be more expensive to build. The structural steel has been estimated at 
5 cents per lb in place. The following table shows the comparisons: 





Fig. 24(a) 


Fig. 24(6) 


Fig. 24(c) 


Dead load per column 
Concrete per panel 
Structural steel 
Cost per panel 


48.70" 
237.1 cu ft 
2770 lb 
$328.20 


43 . 30" 
190.0 cu ft 
4170 lb 
$360.50 


45.25" 
202 .5 cu ft 
4360 lb 
$380.00 



Figure 24(6) is the Hghtest in weight. At the prices given. Fig. 24(a) 
is the cheapest. A different ratio of cost of concrete to cost of steel 
might give a different result. 

22. Deflections. Calculation of the deflection of a floor system is 
frequently necessary. As a general rule, if the deflection of a beam 
or slab exceeds about %60 of the span there is danger of cracks 
forming in the plastered ceilings beneath the floor. Also excessive 
flexibility of a structure may cause apprehension among the tenants, 
especially if they are on the upper floors of very tall buildings or in 
theater balconies. Theater balconies are usually required to be built 
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without intermediate columns for that portion extending over the 
lower seat banks, and this frequently necessitates very long shallow 
girders. 

The sketch (Fig. 25) shows an example of theater balcony framing 
taken from an existing structure. The lower seat bank extends back 
under the balcony to the columns supporting girders Gb, three seat 




rows back of G6. The small circles indicate columns below the balcony 
level. The columns in the outside walls are the only ones extending 
above this level. The roof framing is supported from trusses spanning 
the entire auditorium. 

The girders G5 are supported on girder G4 and are cantilevered over 
the two columns to carry girders G6 and GI. The other end of girder 
GI is carried on GI in the outside wall. 

Girder G8 is supported by the outside wall column and girder G7 
and carries the cantilever girders G9 and C5. The long girder GIO 
is supported on the two cantilever girders G9. 

The cantilever beams GI to G5 carry the front portion of the balcony 
floor and beams Bl to B4 carry the rear portion of the floor. 

In cantilever balcony framing,* the restricted space between the 
ceiling below and the seat bank above makes shallow girders neces- 

* See Concrete Plain and Reinforced, by Taylor, Thompson, and Smulski, 4tb 
Ed., Vol. I, Chap. XVIII. 
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sary, and these frequently must be increased in weight above strength 
requirements in order to keep the deflections within permissible limits. 

In calculating deflections of beams or girders which are encased or 
partially encased in concrete, the effect of the concrete in adding to 
the stiffness of the steel member must be evaluated. This may be 
done, as in the case of composite beams. Art. 20, by using the moment 
of inertia of a transformed section.* 

The deflection behavior of a reinforced concrete beam or of a steel 
beam encased in concrete is quite different on its first loading from 
that of subsequent loadings. Also, owing to plastic flow effects, the 
amount of the deflection depends upon the time which the load is 
allowed to remain on the beam. 




Figure 26 shows a typical deflection curve of a simple reinforced 
concrete beam in which the load is applied in regular increments to 
failure. Some effects of plastic flow are certainly present in the test, 
as the time necessary for applying the loads and taking the many 
readings required is about 21^ hr. In the Engineering Experiment 
Station of the Ohio State University records are on file of a great 
number of tests similar to the one shown. 

There are several characteristic features of these deflection curves. 
First, the two parts of the curve are almost absolutely straight lines. 
Second, before the first tension crack appears the measured deflections 
agree almost exactly with the theoretical calculated deflection, using 
the value of Ec as determined by a simultaneous test of concrete 

* For an excellent discussion of deflections of reinforced concrete beams, see 
Principles of Reinforced Concrete Construction, by Turneaure and Maurer, 2ad 
Ed., pp. 116 and 179. 
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cylinders made from the same batches as the beam, and the theoretical 
moment of inertia including the entire cross section of the beam. 
Third, after tension cracks appear the slope of the deflection curve 
increases greatly, this slope being considerably greater than the slope 
of the theoretical deflection line, considering only the concrete above 
the neutral axis as being effective. Fourth, first tension cracks appear 
at about half the design load and the ultimate load is about double 
the design load. 

In a structure the dead load will ordinarily constitute at least half 
or more of the total design load. It is therefore probable that initial 
tension cracks will be present in the beams before any live load is 
applied. 

In calculating dead load deflections the full cross section may be 
considered effective, but on account of plastic flow the value of the 
modulus of elasticity must be greatly reduced.* 

Live load deflections will occur after the tension cracks have ap- 
peared, and therefore in calculating such deflections the " cracked " 
section should be used with a modulus of elasticity not more than half 
that used in design. 

There are many uncertainties in deflection calculations of members 
of which concrete is a part, and such calculations are far from 
satisfactory. 

23. Continuity. The usual end connections for steel beams are de- 
signed to transmit the end shear only and give little restraint to bending. 
If it is desired to provide for continuity, positive connection must be 
made of the upper tension flanges over the supports and suitable bear- 
ing for the compression flanges at the bottom. For beams or joists in 
a simple steel floor system it usually is not economical to provide for 
continuity as the cost of the necessary end connections will more than 
offset the saving in material due to the reduction in bending moment; 
however, the reinforcement for the floor slab must be carried over all 
supports to prevent cracks forming due to negative moment. 

For lateral stability the girders usually must be connected with 
sufficient rigidity to the columns to transmit considerable negative 
moment. When this condition exists, the entire frame consisting of 
columns and girders must be considered in figuring the moments and 
shears to be transmitted at the joints. This will be treated in 
Chapters VI, VII, and XI. 

* See " Effect of Plastic Flow and Volume Changes on Design," J. Am. Concrete 
Inst., November-December, 1936, p. 123. 
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Methods of calculation of stresses in indeterminate frameworks 
depend upon a knowledge of the relative slope changes and deflections 
at the joints of the structure. It is therefore necessary that methods 
of calculating these deformations be developed before considering 
statically indeterminate frameworks. 

There are two methods of deriving expressions for deflection: (1) by 
means of energy or work equations, and (2) by geometric relationships. 
The two methods lead to identical results. 

24. Deflection of Trusses. The unit load or dummy load method 
of finding the deflection of a truss is based upon strain energy re- 
lationships. 

Let Fig. 27 represent any truss, loaded and supported in any manner. 



bers are of known length and cross-sectional area, and it is required 
to find the deflection of the point X due to any given loading. 

Let the length and area of cross section of any member, say member 
m, be Lm and Am respectively. Assume the primary loading to be re- 
moved from the truss, and a unity load to be applied to the truss at 
point X, in the direction of the required deflection. This unity load 
produces stresses in the members of the truss which will be designated 
as U-stresses. For member m, the stress due to unity load is Um- The 
computed stresses in the members due to the primary loading may 
be designated as S-stresses. For the member m, the stress due to the 
primary loading is S„, . 

The work done, or strain energy, is the product of the force times the 
distance through which it acts. The deformation of the member m due 

S L 

to the primary loading is " " . Assuming the unity load at X to be 




The work done by the exter- 
nal forces (loads) in deflect- 
ing the truss must equal the 
work done by the internal 
forces (stresses) in changing 
the lengths of the members. 
In the truss shown, all mem- 
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acting when the primary load is applied, the work done on the mem- 

U S L 

ber m by the unity load will be " "L . The total strain energy stored 

AmJi 

SUL 

in all the members of the truss by the unity load will be . „ • Since 

Ah 

the internal work done by the unity load must equal the external work 
done by the same load, 

A X Unity = E [1] 

Note that the unity load is applied at the point where the deflection 
is desired, in the direction of the deflection. If the unity load is 
applied in the opposite direction, the deflection will come out negative. 
In making the summation, tension and compression should be dis- 
tinguished by using plus and minus signs. 

25. Deflection of Girders. If, instead of a truss, we have a girder 
with a solid web, the deflection may be found in a manner similar to 
that used for the truss, by regarding the individual fibers of the girder 
as corresponding to the chord members of the truss. In a girder of 
usual proportions the shearing stresses contribute little to the deflec- 
tion and will be disregarded in this analysis. For unusually deep 
girders in which the shearing stresses are high and the bending stresses 
low, it may be necessary to make corrections for deflection due to shear. 

Let M = the moment, at any point, of the external forces produc- 
ing the deflection, 
m = the moment, at any point, of the unity force acting at the 
point where A is desired, in the direction of the deflection, 
s = unit stress in any fiber, produced by the loads producing A, 
u = unit stress in any fiber, produced by the unity force, 
V = distance from the neutral axis to the fiber in question, 
a = area of cross section of a fiber. 

Mv mv 

Multiplying both the numerator and denominator of equation [1] by 
A, we get 

AA 
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Translating this into girder fibers, 



and 



— and u = — 
A A 



av 



,2 = 



1 ^Mmv^ , 




[2] 



26. Deflection Calculations. Fre- 
quently trusses over auditori- 
ums, on account of architectural 
requirements, are of a form subject 
to large horizontal deflections, and 
provision for movements must be 
made at the supports. Otherwise, 
large horizontal forces are set up 
which may crack the side walls. 
Such a truss is shown in Fig. 28. 
The problem is to find the hori- 
zontal deflection at the support due to dead load. The dead load panel 
load is 15,540 lb. The necessary calculations for solving equation [1] 
are given in the following table. Gross areas should always be used 
in calculating deflections. 



Unity 
rorce 



Member 


DL S 


U 


L 


A 


SUL 
A 


AB 


90.7(c) 


1.94(c) 


233 


14.22 


2883 


BC 


72.5(c) 


1.94(c) 


233 


14,22 


2304 


CD 


64.4(c) 


1.94(c) 


233 


14.22 


1729 


ac 


60.7(«) 


2.60(0 


312 


6.62 


7438 


cd 


48.6(0 


2.60(0 


156 


6.62 


2978 


Cc 


7.8(«) 


0 


200 


4.60 


0 


Dd 


77.7(0 


3.33(0 


300 


9.22 


4214(1^) 


Be 


9.3(c) 


0 


120 


4.60 


0 


Cd 


12.1(c) 


0 


156 


4.60 


0 












21,546 X 2 = 43,092 



43,092 
29,000 



= 1.485 in. 
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This deflection is under dead load alone. Under maximum snow and 
wind load it would be greatly increased. 

Usually beams are of constant cross section. 
7 in equation [2] is therefore constant and 
may be moved before the integral sign. To 
illustrate the use of this equation a simple 
case will be solved. 

Let it be required to find the deflection of the beam shown in Fig. 29 
at the point A, due to a uniform load w per linear foot. 

The unity load is applied at A in the direction of the deflection 
(downward) . 

A = — r Mmdx 
EI Jo 

,.2 



M = —-X 
2 



wx 
~2 



When x is less than a, 



L — a 



m 



When x is greater than a, 

Substituting these values in Equation 2, 



~ Ell 2L 



A = 



When a 



L 
2 



2^EI 
this becomes 



wLx — 2wx^ + 



A = 



5wL* 
3MEI 



X H 






b ► 






— L ► 



27. Girders 
Cross Section. 



with Variable 

The most com- 



Fig. 30 



mon form of beam with vari- 
able cross section is the plate 
girder with cover plates. 
In the girder, shown in Fig. 



30, let it be required to find the deflection at the middle, due to a 
uniform load w per foot. 
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1 1 is constant for the distance a. 

12 is constant for the distance b-a. 
Is is constant for the distance L-2b. 
In equation [2], 

wL wx^ 

^=T^--2- 



X 

m=- 



A^J^l^ f\Lx'-x')dx+^ f\Lx'-x')dx+ ^ f^\Lx'-x')dx] 

^ " 384£J/3 ~ W Ih h h h\ QE Ih I2 I2 hi 

When the variation in cross section is accompanied by a change in 
depth the girder may be divided into a number of sections and the 
average moment of inertia of each section regarded as constant for 
that section. The procedure then is the same as for the cover plated 
girder shown above. 
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COLUMNS 

28. The Ideal Column. Any column will fail by buckling when 
the sum of the unit stresses due to the direct load (P/A) and to the 
bending moment (Mc/I) reaches the elastic limit of the material. 
The bending moment on the column increases as the deflection in- 
creases. At the elastic limit the deformation increases without addi- 
tional load, and consequently the column buckles. 

The average unit stress on the column cross section (P/A) which 
will cause failure of an ideal column, centrally loaded, with hinged 
ends is given by Euler's formula,* 



2 



P T 

S(. = — = v^E Euler's formula [1] 
A L 

where r is the least radius of gyration of the column cross section. 

An ideal column is one having a perfectly straight axis, and the 
material of which is homogeneous throughout. Such columns do not 
exist in practice. 

Euler's formula does not hold for small values of L/r, for which it 
would give values of Sc greater than the elastic limit of the material. 

29. Eccentrically Loaded Columns. When an ideal column with 
hinged ends is eccentrically loaded, the center deflection may be shown 
to bef 

\PL^ 

in which e = eccentricity of the load. If d = e -|- A = e sec -y^^ ' 

* See any book on strength of materials. Strength of Materials, by James E. 
Boyd, 4th Ed., p. 378. 

t See Stresses in Structures, by A. H. Heller, 3rd Ed., p. 180. 
Strength of Materials, by James E. Boyd, 4th Ed., p. 376. 



t /^-^ is an angle in radians. 
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the average unit stress on the column at failure will be 



Sc = -r = 



[3] 



in which Se = the elastic limit of the material. This equation cannot 
be used satisfactorily as a column formula because P appears 
p on both sides of the equation. Also, in most cases, it is diffi- 

cult to assign a rational value to the eccentricity, e. 

e\_ 30. Column Formulas. Because of the difficulty in assign- 

ing satisfactory values to the many variables in equation [3 J , 
and of the difficulty in applying it to columns in practice, it 
is not used in design. 

Column formulas commonly used in practice in America 
are of three types, the Rankine, the straight line, and the 
parabolic. All are empirical and are designed to approxi- 
mate the records of column tests. All column formulas used 
in design contain a factor of safety, and supposedly give the 
FJSiM maximum sa/e loads for centrally loaded columns. 

The Rankine type follows the general form of equation [3] 
with an arbitrary constant in the denominator. 

Rankine type [4] 



J. 



1 + ^ 

r 



The factor of safety is included in the selection of the unit stress 
in the numerator. This stress is usually about half the elastic limit. 
This type of formula can be made to agree fairly well with tests for all 
except very small values of L/r. When it is used, an upper limit for 
Sc is usually specified. (Fig. 32, 1.) 

The straight line formula applies only to a narrow range of values 
of L/r, usually from about 50 to 120. (Fig. 32, II.) 

kL 

Sc = s^^^ Straight line type [5] 

r 

The parabolic formula may be made to agree with tests of columns 
up to values of L/r of about 120. Beyond that some other type of 
formula must be used. The 1936 and 1941 editions of the specifications 
of the American Institute of Steel Construction use a parabolic 
form.ula for values of L/r less than 120, and a Rankine formula for 
larger values. (Fig. 32, III.) 

Sc = Smax - k-j Parabolic type [6] 
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Figure 32 shows the three types of column formulas in common use 
for building design. The dotted portions of the curves are usually 
regarded as inapplicable. 

The column formu- 
las shown in Fig. 32 
apply to steel of struc- 
tural grade, elastic 
limit 32,000 to 36,000 
lb per sq in. When 
material is used which 
has higher values of 
elastic limit and ulti- 
mate strength, higher 
values of the allowable 
unit stress may be used 
for the lower values of 
L/r. It must be borne 
in mind, however, that, 
as yet, no method has 
been discovered of in- 
creasing the modulus 
of elasticity beyond about 30,000,000 lb per sq in.; therefore the ulti- 
mate strength of an ideal column whose ratio L/r is greater than about 
80 will not be increased by increasing the elastic limit and ultimate 
strength of the material. In fact the modulus of elasticity of high 
alloy steels is usually less than that of steel of structural grade. 
Only for large columns with small values of L/r is it economical to use 
high strength, alloy steels. 

31. End Conditions. Theoretically, if the ends of an ideal column 
are fixed so that they cannot rotate, the effective length L used in 
determining the ratio L/r is one-half the total length of the column. 
The ideal hinged or fixed end conditions are seldom if ever realized 
in practice.* A pin end is not a hinged end because of the friction in 
the joint. When the end of a column is a plane, normal to its axis, 
and rests evenly on a plane surface, it is said to have a flat end. 
Under ideal conditions, a flat end may approach a fixed end condi- 
tion. However, it is not safe to assume that the bearing of the end 
of a basement column on the footing constitutes a fixed end, as a 
very slight error in leveling the footing or in planing the end of the 
column may produce conditions as bad or worse than a hinged end.f 

♦"Fixed End Columns in Practice," Eng. News, Vol. 66, 1911, p. 530. 
t See " Dead Load Stresses in the Columns of a Tall Building," Bulletin 40, En- 
gineering Experiment Station, Ohio State University. 
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Riveted ends are never fixed ends because of the elasticity of the 
connection. 

In any structure the bending of f'rders and beams connecting to 
the columns will cause rotation of the joints and induce bending 
moments in the members at the joints. These joint rotations cause 
the flexure lines of columns to approach more nearly to the condition 
of hinged than fixed ends. For this reason most modern American 
specifications do not mention the end conditions in giving the column 
formulas. The formulas shown in Fig. 32 are derived for the hinged 
end condition and may be used for all concentrically loaded columns, 
regardless of the end conditions. 

32. Combined Bending and Compression. Most columns in build- 
ings are subjected to bending moments in addition to direct compres- 
sion. These bending moments are caused by eccentricities of the 
application of the load, by rigidity of the connections of the girders 
to the columns, and by wind and other lateral forces. 

The theoretical maximum extreme fiber stress, 



_P Mc 
~ I 



[7] 



11 




[o~I 

o Beam A 
|o 1 


1 o o o 1 




r 



on 



■*-Beam B 



Beam A 



in which M is the known external bending 
moment. Smax should not exceed the unit 
stress given by the column formulas [4], 
[5], or [6], because there are also present 
the bending moments due to unknown, acci- 
dental eccentricities and unavoidable varia- 
tions in alignment and homogeneity of the 
member. 

33. Eccentricities of Floor Loads. The 

ordinary beam to column connections, such 
as are shown in Fig. 33, will transmit little 
or no bending moment from the beam to 
the column. Consequently it is safe to 
assume that the reaction from the beam 
A is delivered to the column at its face, or 
with an eccentricity of half the depth of the 
column. The eccentricities of the reactions of beams B are practically 
zero, and in this case are in opposite directions, tending to neutralize 
each other. 

Usually columns have beams with similar eccentricities connecting 
to them at a number of floor levels. Since the column shaft is made 
continuous by its splices, the column moments are transmitted from 



-Beam B 



Fig. 33 
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story to story, and each eccentric floor load affects the moments in 
all stories of the column. 

To investigate the cumulative effect of eccentric floor loads at several 
floor levels, the hypothetical case is taken of a four-story column with 
equal loads and equal eccentricities at all floors. The reactions and 



Moments from Eccentric Loads 



1 



(b) 



(C) 



(d) 



(e) 



bending moments for the individual floor loads are shown in Fig. 34(a), 
(h), (c), and (d), and the moments when all loads are acting, in Fig. 
34(e). The dotted lines indicate the respective moment diagrams. 
Figure 34(e) may be assumed to represent conditions when dead load 
alone is acting. 

If it is assumed that live loads may or may not be present simul- 
taneously at the several floors, the maximum live load moments will 
be as follows. 



Maximum moment at 4th floor = 
3rd floor = 
3rd floor = 
2nd floor = 
2nd floor = 
1st floor = 
1st floor = 



when load is at 4 
^%6Pe when load is at 2 -f- 3 
'^HePe when load is at 4 -f- 3 -f 1 
*%6Pe when load is at 4 -|- 2 -|- 1 
^HePe when load is at 3 -|- 2 
^%6Pe when load is at 3 -|- 1 
^HePe when load is at 4 -f- 2 -h 1 



From this investigation it is seen that at no point on the column 
except at the top will any combination of live loads produce a moment 
as great as Pe. 
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It is common practice to design each story of a column for the 
bending moment Pe produced by the floor loads at the top of the story. 
This is evidently on the side of safety and will compensate for any 
moment transmitted from the beam by the rigidity of the connection, 
unless the connections are sufficiently rigid to render the frame con- 
tinuous. Ordinary standard connections will not do this. 

34. Column Schedules. In designing columns it is necessary to 
start at the top and proceed downward to the foundation. In order 
that the calculations may be readily checked and available, they are 
usually made in the form of a column schedule. To illustrate a con- 
venient form for these column schedules, Fig. 24(6) will be taken as 
representing one panel of floor of a twenty-story office building. 
Columns A and C will be assumed to lie in the outside wall, and 
columns B and D to be interior columns flanked on all sides by similar 
panels. 

The estimated floor loads are given in Art. 21, page 29, and the 
dead load tributary to an interior column, on page 30 of the same 
article. For convenience in this illustration the roof dead load will 
be assumed to be 75% of that of a floor. The roof live load will be 
taken at 40 lb per sq ft. 

The story height is 12 ft floor to floor and the columns are fireproofed 
with lightweight concrete weighing 120 lb per cu ft covering the steel 
work at least 2 in. at all points. The columns are to be made in two- 
story lengths. 

The columns are first designed for dead load and live load only. 
Later the wind stresses are calculated and the design revised if 
necessary. 

The live loads contributing to the column loads at the various floor 
levels will be reduced in accordance with the recommendation of the 
U. S. Building Code Committee, given in Art. 4. Unit stresses will 
be used as given in the Specifications for the Design, Fabrication and 
Erection of Structural Steel for Buildings of the American Institute of 
Steel Construction, 1941 edition. 

35. Wall Columns. In designing the wall columns the weight of 
the outside wall will depend upon the material of which it is con- 
structed and the number and size of the window openings. Frequently 
the center line of the wall does not coincide with the center line of 
the columns, in which case the wall girder load is also eccentric. 

In this illustration we will assume the center line of the wall to be 
on the center line of columns. The columns must then be fireproofed 
by building pilasters both inside and outside of the wall . The thickness 
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Schedule for Interior Column B on D 



Story 


Source 
of Load 


Load 


Column Section 


Unit 
Stresses 


20 
and 
19 


Roof D.L. 
Roof L.L. 
20th D.L. 
20th L.L. 
Col. Wt.+F.P. 


32,500 
16,200 
43,300 
32,400 
3,440 
127,840 


8X8WF31# A=9.12 
r = 2.01 
12X12 = 144-9 = 135 
^%4Xl20 = n2.6 
31.0 

3440 = 24 X 143.6 


L/r =72.0 
Allowed = 

14,485 
Req. area = 
8.82 


18 
and 
17 


19th D.L. 
19th L.L. 
18th D.L. 
18th L.L. 
Col. Wt.+F.P. 


43,300 
25,920 
43,300 
19,440 
4,990 
264,790 


10X10WF60# 4=17.66 
r= 2.57 
14X14 = 196-18 = 178 
1%4X120 = 148 
60 

4990 = 24X208 


L/r = 56.0 
Allowed = 

15,480 
Req. area = 
17.10 


16 
and 
15 


17th D.L. 
17th L.L. 
16th D.L. 
16th L.L. 
CoL Wt.+F.P. 


43,300 
12,960 
43,300 
6,480 
6,650 
377,480 


12X12 WF85# 4=24.98 
r= 3.07 
16X16 = 256-25=231 
^^K44X120 = 192 
85 

6650 = 24X277 


Z//r = 46.9 
Allowed = 

15,935 
Req. area = 
23.69 


1 A 

and 
13 


1 Wh F) T. 
15th L.L. 
14th D.L. 
14th L.L. 
Col. Wt.+F.P. 


43 300 
9J20 

43,300 
6,480 
8,710 
488,990 


14 Vl4i WF1fl3J!/l — ^0 26 
r= 3.72 
185X181 = 342-30 = 312 
"?{44X120=260 
103 

8710 = 24X363 


r,/r — 7 

Allowed - 

16,275 
Req. area = 
30.05 



of the wall will be taken as 13 in. and it will be assumed to weigh 120 
lb per cu ft. Deducting for window openings the weight of the wall 
will be taken as 90 lb per sq ft of wall surface. 

At the roof level there will be a cornice and a parapet wall. These 
will be assumed to weigh 750 lb per linear foot. 

The pilasters are of sufficient size to cover the steel columns with 
at least 2 in. of fireproofing at all points. For example, the pilasters 
for the columns of the fifteenth and sixteenth stories will be 16 in. by 
16 in. overall. This will give an increase in area over the 13 in. wall 
of 3 X 16 = 48 sq in. The area of the column is 21.16 sq in. Subtract- 
ing this from 48 sq in. gives a net increase in pilaster area of 27 sq in. 
The weight of this much masonry is 22.5 lb per ft. Adding the column 
weight of 72 lb and multiplying by the length of the column, two 
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stories, gives 2270 lb for the column weight plus fireproofing. These 
figures are shown on the column schedule. 



Schedule for Wall Column 4 ok C 



Story 


Source of 
Load 


Load 


Ecc. 


Column Section 


Unit 
Stresses 


20 
and 
19 


Roof D.L. 
Roof L.L. 
20 W.G.D.L. 
20 W.G.L.L. 
20 Fl. D.L. 
20 Fl. L.L. 
Col. Wt.+F.P. 


29,750 
8,100 

23,770 
3,240 

17,320 

12,960 
790 

95,930 


0 
0 

4.03 
4.03 


8X8WF33# A= 9.70 
r= 2.02 
No Pilaster 5 = 29.3 

P/A = 

122.0'"' Mc/I = 
= 24X33 


L/r = 71.3 
Allowed = 
14,535 

9,880 
4,170 
14,050 


18 
and 
17 


19th D.L. 
19th L.L. 
18 W.G.D.L. 
18 W.G.L.L. 
18 Fl. D.L. 
18 Fl. L.L. 
Col. Wt.+F.P. 


41,090 
12,960 
23,770 
1,940 
17,320 
7,780 
1,300 
202,090 


0 
0 

5.06 
5.06 


10X10WF54# 4=15.88 
r= 2.56 
Pil. = lXl4 = 14 5=60.4 

P/A = 

127.0'"' Mc/I = 
= 24X54 


L/r = 56.2 
Allowed = 
15,470 

12,730 
2,100 
14,830 


16 

and 
15 


17th D.L. 
17th L.L. 
16 W.G.D.L. 
16 W.G.L.L. 
16 Fl. D.L. 
16 Fl. L.L. 
Col. Wt.+F.P. 


41,090 
6,480 
23,770 
650 
17,320 
2,590 
2,270 
296,260 


0 
0 

6.12 
6.12 


12X12 WF72# A =21.16 
r= 3.04 
Pil.=3Xl6 5 = 97.5 

= 48-21=27 
%4X120 = 22.5 P/A = 
121.8'"' 72.0 Mc/I = 
= 24X94.5 


L/r = 47.4 
Allowed = 
15,910 

14,000 
1,250 
15,250 


14 
and 
13 


15th D.L. 
15th L.L. 
14 W.G.D.L. 
14 W.G.L.L. 
14 Fl. D.L. 
14 Fl. L.L. 
Col. Wt.+F.P. 


41,090 
4,860 
23,770 
650 
17,320 
2,590 
3,230 
389,770 


0 
0 

7.00 
7.00 


I4XI45WI) 87# A=M.ob 
r= 3.70 

Pil.=5Xl6§ 5 = 138.1 

= 82.5-25.5 = 67 
%4X120= 47.5 P/A = 
139.4'"' 87.0 Mc/I = 
= 24X134.5 


LijT = 00 .y 
Allowed = 
16,265 

15,250 
1,010 
16,260 



CHAPTER VI 



RIGID FRAMES UNDER VERTICAL LOADING 

36. Purpose. The structural frame of a building is primarily in- 
tended to support the vertical forces due to dead and live loads. 

In most building frames diagonal bracing is undesirable on account 
of interference with door and window openings, and with the free use 
of the enclosed space. Where diagonal bracing is undesirable, lateral 
stability is secured by rigidly connecting the girders and the columns 
and thus rendering the frame continuous. This continuity affects 
the distribution of the stresses due to vertical loads as well as lateral 
forces, and usually renders the stresses statically indeterminate. 

The purpose of stress analysis is to furnish a basis for the design 
of the members. In a continuous frame, however, the stress distribu- 
tion depends upon the relative size of the members of the frame, and 
consequently an accurate analysis of 
stresses cannot be made until the 

member sizes have been approxi- ^ /»- -X ^^»b 

mately determined. Furthermore, it 
is useless to spend time carrying an 
analysis of stresses to a higher Fia.35 
degree of accuracy than the known 

uncertainties in the loads to be carried and the properties of the 
materials warrant. 

37. Statical Indeterminacy. Since the term statically indetermi- 
nate is used frequently it is necessary that a clear definition of the 
term be presented. Figure 35 shows a beam supported on a knife 
edge at B and rollers at A. There are three unknown reaction com- 
ponents and three equations of equilibrium available for their deter- 
mination: = 0, Y.H = Q, and J^M = 0. The reactions are, 
therefore, statically determinate. 

Consider now a beam on three supports as shown in Fig. 36(a). In 
this case there are four unknown reaction components, and the three 
equations of equilibrium must be supplemented with an additional, 
independent condition. This fourth condition may be suppHed by 
equating two deflection equations. Since only one condition, in 
addition to the three equations of equilibrium, is necessary, the struc- 
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ture is said to be indeterminate in the first degree. Another way of 
finding the degree of indeterminacy is to consider how many reaction 
components can be removed and still have a stable structure (assuming 



1 



c 



J_ 



(b) 

=1 (c) 



Fig. 36 



Fid. 37 



that structural strength is not a factor). In this case any one of the 
vertical reaction components may be removed and the structure will 
remain stable; but only one can be removed and retain stability. 

In a rigid frame a similar condition exists. Consider the simple 
frame shown in Fig. 37. The support of one column is hinged and 




DHp 



the other is on rollers. Again the three equations of equilibrium are 
sufficient to determine the reactions and the frame is statically 
determinate. 

If the supports of both columns are hinged, as shown in Fig. 38(a), 
there are four reaction components and the frame is statically in- 
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determinate in the first degree. One redundant reaction component 
may be removed and retain stability. If the frame has its columns 
restrained or fully fixed at their bases as shown in Fig. 39(a), the 
structure will be indeterminate in the third degree. There are six 
unknown reaction compo- ^ 

nents, and only three equa- ^ |^ ^ ^ [_ 

tions are available from ' 1 f — -— 

statics. 

38. Internal Indetermi- 
nacy. In the preceding- 
article, indeterminacy with 
respect to external reactions, 

only, was considered. A ^ ^ "I/:- 

structure may be statically 

determinate in regard to its " (b) 
reactions and indeterminate F/g. 39 

in regard to its internal mo- 
ments, shears, and thrusts. The rectangular frame shown in Fig. 40 (a) 
is of this type. If the frame is cut at any point, as shown in Fig. 40(6) , 
there will be present, in general, three internal forces, a thrust, a shear. 



I I 





FigAO 



and a moment. If these three forces are removed, the cut structure will 
be stable and statically determinate with respect to internal stresses. 
The original structure is, therefore, indeterminate in the third degree. 

39. Methods of Analysis. The usual methods of analysis are based 
on the fundamental principles of the strength of materials involving 
the differential equation of the elastic line and the principle of area 
moments. 

There are a number of assumptions made in the various methods 
of analysis, some of which are not strictly true, but the resulting 
errors are within the permissible limits of accuracy. 
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(1) The connections between the girders and columns are per- 
fectly rigid so that the angle between the tangents to the elastic 
lines at their intersection does not change.* 

(2) The change in the length of a member due to the direct stress 
in it is negligible. 

(3) The lengths of the members are taken as the distances be- 
tween the intersections of their neutral axes. 

(4) The deflection of a member due to internal shearing stress 
is negligible. 

In all cases the equations of statics are used in conjunction with the 
equations derived from the theory of elasticity. 

The continuous beam of Fig. 36(a) is indeterminate in the first 
degree. If the support at B is removed, the beam deflects as shown 
in Fig. 36(5). has a finite value that may be computed. The 
condition shown in Fig. 36(a) is that must be zero when support 
B is in place. This condition may be satisfied if we compute the 
upward force, Vb, shown in Fig. 36(c), which will be necessary to 
cause an upward deflection at B equal to A^. 

The simple rigid frame shown in Fig. 38(a) may be solved by assum- 
ing the hinge at A to be replaced by rollers, as shown in Fig. 38(b). 
This removes the redundant horizontal reaction Hd and allows the 
frame to deflect horizontally an amount A^. If now a horizontal force 
is applied at D' sufficient to bring the point back to its original position, 
D, this force will be the required horizontal component of the reaction 
atD. 

If a rigid frame is fixed at the bases of the columns as shown in 
Fig. 39(a), an indeterminate structure of the third degree results. It 
is necessary, then, to write three equations from the theory of elasticity. 
If the support at D is entirely removed the structure is stable and 
determinate; but point D will deflect to some point D', as shown in 
Fig. 39(6). There are three components to this deflection, Aj,, A^, 
and do- It is now only necessary to write three equations from the 
elastic theory to express the conditions that A^, = 0, A^ = 0, and do 
= 0, and solve for the three reaction components. Ho, Vd, and Mo. 

In summary, the required conditions of geometry may be visualized 
if the redundant forces are removed. And the values of the redundant 

* In steel structures some attention must be given to the type of connection 
needed to develop a resisting moment. Welding offers a means of obtaining a 
moment resisting connection in steel, having some advantages over riveted connec- 
tions. In reinforced concrete the continuity of the material at the joints gives 
moment resistance. 
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forces that must be applied to restore the structure to its original 
condition may always be found by writing the required deflection 
equations. 

There are many methods of handling the elastic equations and de- 
termining the values of the redundant forces. A few of them will 
be explained in detail. 

40. Integration of Elastic Lines. The integration of the differ- 
ential equations of the elastic lines of the members usually results in 
a number of equations involving the determination of a large number 
of constants of integration. For simple frames of few members the 
method is not unwieldly, but usually the slope deflection method or 
the method of moment distribution will be found more convenient and 
less time consuming. Since both of these are based upon the prin- 
ciple of area moments, which in 
turn is based upon the differen- 
tial equation of the elastic line, 
the latter will be presented 
first. 

The differential equation of 
the elastic line of a member sub- 
ject to flexure is 



r-^ 



M 
EI 



[If 



Hi 



In most cases for a member, 
E and / are constant, which 
greatly simplifies the integra- 
tions. The ability to sketch the flexure lines of the frame assists in 
keeping the signs consistent and in interpreting the results. The 
student should cultivate this ability. 

To illustrate the method of using the equation of the elastic line, 
the reactions and moments in the frame shown in Fig. 41 will be 
determined. The dotted lines indicate the deflected form of the bent 
greatly exaggerated. Starting with the member AB, the forces acting 
on it will be as shown in Fig. 42 (a) . With the origin at A, the equation 
of the elastic line AB is 



d^ 
dx'' 



M 1 



[2] 



* See any textbook on strength of materials. Strength of Materials, by James E. 
Boyd, 4th Ed., p. 205. 
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Integrating once, 



^ = J_ iMax - V2Hix' + (Ci = 0)] 
dx Eh 

when X = 0, ^ = 0- ^nd Ci = 0 



[3] 



Integrating again, 



r- 



2/ = 7^ [J^AT^^' - Hff i:^' + (<^2 = 0)] 
when X = 0, 2/ = 0, and C2 = 0 

1- X - - 



[4] 



(c) 



Proceeding to member BC, the forces acting on it are shown in Fig^ 
42(b). The integration must be performed in two parts, from to 
and from P to C. Origin at B, when x is less than a. 



1 



1 



(Hi^ia;^ - MbX + C3) 



rfx EI, 

_L [i^K^a:'' - i4Mbx2 + C3X + (C4 = 0)] 
EI2 



[5] 
[6] 

m 



when X = 0 in [7], y = 0, and C4 = 0 
when X = 

/2 



Q rgn ^ ^ ^ f TOjn [3] when x = U and 

dx c^x 



dx^ 
dy 



When X is greater than a, 
1 



1| ^ J_ - Mb - P(x - a)] 
rfx2 Eh 



= J_ [i^/?ia;2 _ MbX - P{y2X^ - aa;) + C5I 

C?X i?/2 



[8] 

[9] 
[10] 
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y = jf^ IVeRi^^ - 'AMbx' - PiVex' - V^ax^) + + Ce] [11] 

When X = a,^ from [6] = ^ from [10], 
ax dx 

Ci = C^- ViPa^ = ^ (M^Li - YiH.Ll) - }4Pa^ [12] 

When X = a, y from [7] = y from [11] and 

Ce = HPa' [13] 

Proceeding now to member CD, the forces acting are shown in Fig 
42(c). 



{H2X - Me) [14] 

(}iH2x' - M,x + (77) [15] 

{yeH2X^ - y^M^x'' + Crx + (Cs = 0)] £16] 

when a; = 0 in [16], y = 0, and Cg = 0 

dti dv 

when X = 0 in [15], -j- = from [10] when x = and 
dx dx 

Ci = Y- [V2R1LI - MbU - PL2{y2U - a) + C5] fl7] 
•'2 

There are four unknown moments, two unknown horizontal reactions 
and two unknown vertical reactions. To determine these will require 
eight equations as follows: 

In Fig. 41, = 0 H,-H2 = 0 [18] 

In Fig. 42(6), J:V = 0 Ri + = P [19] 

In Fig. 42(a), ZM = 0 M.4 + Mb - HiLi = 0 [20] 

In Fig. 42(b), ZM = 0 Mb -M, + R^L^ - Pa = 0 [21] 

In Fig. 42(c), ZM = 0 M^ + Md- H2U = 0 [22] 

•In Fig. 41, y from [4] when {x = Li) = y from [16] when {x = L3). 

^ (i^M^Lf - HHiLi) = (HH^Ll - y^M.Ll + CyL^) [23] 



Origin 


at C, 




1 


dx^ 


" Eh 


dy 


1 


dx 


" Eh 




1 


V 


~ Eh 
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In Fig. 42(6), y = 0 in [11] when x = L^, 

HRiLl - yiMeLl - PLUHL2 - Via) + C5L2 + Cg 

In Fig. 42(c), = 0 in [15] when x = L3, 
ax 



0 [24] 



[25] 



y2H2Ll - McLs + C7 = 0 

The solution of these eight simultaneous equations, [18] to [25], 
inclusive, gives the following results : 



Ma = 


3.46"' 


Ri 


= 12.29'' 


Mb = 


8.32"= 


R2 


= 5.71'' 


Mc = 


4.89"' 






Md = 


2.97"' 


Hi 


= H2 = 0.98'' 



41. Area Moments.* The prin- 

fe^ ciple of area moments stems di- 
rectly from the differential equa- 
tion of the elastic hne, equation [1] . 
Let AB in Fig. 43(a) represent a 

(b) 

portion of a deflected beam. CB is 
the tangent to the elastic line at B. 
The curvature is assumed to be 
small, and inclined distances on the diagram are assumed equal to 
their horizontal projections. 




d = tand = 



dd 
dx 

dd = 



dx^ 
Mdx 



dy 
dx 

M 
EI 



[1] 



EI 

/'^ Mdx 
4 'eT 



[26] 



This integral is the area of the M/EI diagram between the points A and 
B. 

Principle 1. The difference in slope of the elastic line between any two 
points is equal to the area of the M/EI diagram between those points. 

* See any textbook on strength of materials. Strength of Materials, by James E. 
Boyd, 4th Ed., Chaps. X and XI. 
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The intercept on the vertical line AC subtended by the tangents at the 
extremities of any length dx is xdO, and the total deflection y of the point 



A with respect to the tangent through B \s j xdd 

y = f xde = f 



' A 

Mxdx 
EI 



[27] 



Mdx M Mxdx 

dd = —p;^- = area of the — diagram for the length dx and is the 

EI El EI 

moment of this area about the point A. 

Principle 2. The deflection of any -point on a beam with respect to a 
tangent to the elastic curve at any other point is equal to the moment of the 
M/EI diagram between the two points, about the point at which the deflection 
is desired. 



-IS- 




Fig. 44 



(c) 



When E and / are constant these areas and moment areas are very 
easily calculated by use of a few quickly constructed sketches. This 
will be illustrated by the use of the frame shown in Fig. 41. The elastic 
lines of the members and the respective M/EI diagrams are shown in 
Fig. 44. These are sketched without regard to scale. The directions 
of the moments are obvious from the roughly sketched flexure diagram 
of Fig. 41. In Fig. 44(a) the slope, di, is the area of the M/EI diagram. 



EBi = HMb - ViMA 



[28] 



The deflection of AB at B is the moment of the M/EI diagram about B. 

EAi = Mb - 2Ma [29] 

In Fig. 44(6) the simple span moment at P is 48"'. This divided by 
EI2 is the ordinate shown on the diagram. 

The change in slope from B to C, 62, is the area of the M/EI diagram. 

£02 = 3 - Vi&Mb - KeMc [30] 
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The deflection of C with respect to the tangent at B is the moment 
of the M/EI diagram about C. 

EA2 = 20 - i^Mjj - HMc [31] 

Also, from geometry, 

A2 = Lzdi EA2 = SMb - SMa [32] 

Similarly, in Fig. 44(c), 

Eds = yiMc - V2MD [33] 

and 

EA^ = \yzMc-2%MD [34] 

From these slopes and deflections may be written three equations 
similar to equations [23], [24], and [25] of Art. 40. 

Ai = -A3 [35] 

ei + 03 = 02 [36] 

and 

equation [31] = equation [32] [37] 

These three equations, together with the five equations, [18] to [22], 
inclusive, which are simple equations of equilibrium, may be solved 
to obtain the same results as in Art. 40. 

The moment area method lends itself readily to the solution of 
deflections in members having variable moments of inertia. A con- 
venient solution which permits of any conceivable variation in the 
moment of inertia of a member has been developed by Professor 
George E. Large.* This will be further referred to in Art. 45 on the 
moment distribution method. 

42. Slope Deflection. The methods previously discussed for the 
analysis of rigid frames have treated moments, thrusts, and shears 
as unknowns. The slope deflection method treats rotations of the 
joints and deflections of the members as unknowns. This method 
was first developed in this country by Professor G. A. Maney.f The 
number of equations to handle is usually less than in the methods 
previously described, but in frames with a large number of members 

* See Trans. Am. Soc. Civil Engrs., Vol. 96, 1932, p. lOL 

Bulletin 66, Engineering Experiment Station, Ohio State University. 

■f Studies in Engineering, No. 1, University of Minnesota, 1915, by G. A. Maney. 

Bulletin 80, University of Illinois, Engineering Experiment Station, by W. M. 
Wilson and G. A. Maney. 

Bulletin 108, University of Illinois, Engineering Experiment Station, by W. M. 
Wilson, F. E. Richart, and Camillo Weiss. 
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the solution is still very laborious. Several approximate methods, 
based upon the slope deflection method, have been developed, and 
these often yield results sufficiently close for design purposes. 

In a rigid frame all the members meet at joints and, because of 
the interaction of members and the applied loads, the joints will 
rotate. The amount of rotation will depend upon the restraint offered 
by the connecting members. Any or all members of the frame may 
be loaded transversely, and any joint may be deflected relative to 
its original position. Therefore, a general form of equation giving 
the end moments on a member must include terms stating the effect 
of joint restraint, the effect of applied loads, and the effect of joint 
movements. 

Before proceeding with the development of the theory, a consistent 
notation and sign convention must be adopted. If the members are 
rigidly connected at the joints, as is usually assumed, the change in 
slope of all members meeting at a joint will be the same. This will 



be designated by the Greek letter 6, with a subscript indicating the 
joint, as 6a, 6b, etc. The end moment in a member will be designated 
by the letter M with a subscript. The first letter of the subscript 
indicates the end of the member at which the moment exists ; as Mab 
is the moment at A in member AB and M ba is the moment at B in the 
same member. 

There are three items to which signs are applied, and they will be 
considered separately. The moments, which are considered to be 
applied to the member as a free body, are shown in Fig. 45. A moment 
which tends to rotate the end of the member in a clockwise direction 
is positive, as in Fig. 45(a). A moment which tends to rotate the 
end of a member in a counterclockwise direction is negative. 

The rotation of a tangent at the end of a member or the rotation 
of a joint is measured from the original direction of the members. 
A clockwise rotation of a tangent at the end of a member is positive 
and a counterclockwise rotation is negative. In Fig. 45(a), 6a and 6b 
are positive; and in Fig. 45(6) , 6a and 6b are negative. 

The deflection of one end of a member relative to the other end 
is measured perpendicular to the original direction of the axis of the 
member and is termed positive when the movement of the deflected end 




m 
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is clockwise with respect to the other end, as shown in Fig. 46(a) . The 
opposite movement of the deflected end is negative, as shown in Fig. 
46(b). 



-PJ. 

(o) ~s'-r 

Posifive Deflection 



-Jb) 

Negative Defhcfion 



Fig. 46 



The general slope deflection equations will be developed first for 
a member acted upon by moments at the ends only, and then the 
effect of bending caused by intermediate transverse loads will be 



Mab 




1^ 



Fia.47 



added. Figure 47 shows such a member acted upon by the two nega- 
tive moments Mab and Mba and subject to a positive deflection A. 
The moment of inertia of the beam is constant throughout its length. 
From the principles of area moments 



Also 



Ob = 



QEI 
MabL 



3EI 
MbaL 



2EI 2EI 
Combining equations [38] and [39] to eliminate Mba, 



Mab = 2Ej^(2dA + 



i{^eA + eB-^f) 



I A 

Let J = K and - = R ; then 



Similarly, 



Mab = 2EK(2eA + Bb 
Mba = 2EK(2eB + Ba 



3R) 



[38] 
[39] 

[40] 

[41] 
[42] 



When intermediate loads are present as well as restraining moments 
at the ends, as shown in Fig. 48(a), the M/EI diagram. Fig. 48(c), will 
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be a combination of the simple M/EI diagram, Fig. 48(6), and the 
M/EI diagrams of Fig. 47. 
Let F = area of simple beam moment diagram (6), 
xi = distance of its centroid from B. 
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Again, from the principles of area moments, 
A - ^aL = 



6a — &B = 



QEI 
MabL 



ZEI 
MbaL 



Fxi 
EI 



2EI 2EI 
Combining equations [43] and [44], 

Mab = 2EK{2eA +eB - SR) - 



+ 



EI 



Mba = 2EK(2eB + Ba - 3/2) 



2F/3x 
L\L 

2F /Sxi 



-0 



[43] 
[44] 

[45] 
[46] 



Equations [45] and [46] are identical with [41] and [42] except that they 
contain an adaitional term which is dependent solely upon the inter- 
mediate loads. 

Referring again to the frame of Fig. 41 and Fig. 44, 

Ba = 0, 60 = 0, R2 = 0, F = 288, xi = &%it 

At joint B, Mba + Mbc = 0 [47] 
At joint C, Mcb + Mcd = 0 [48] 
= 0, i7i + ffa = 0 
HiLi = Mab + Mba H^U = Mcd + Mdc 



Mab + Mba _^ Mcp + Mpc ^ ^ 
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Deflections, Ai — A3 = 0 

RiLi - E3L3 = 0 [50] 
Substituting the slope deflection equivalents for the moments, 
2EK,(2eB + dA- SRi) + 2EK2i2dB + Be - 

_2F(S^_^\^ [471 

^ 2F /?,Xy \ 

2EK2{26c + eB- 2.R2) - - 2j 

+ 2EK-i(2ec + dD- 3^3) = 0 [48] 

{26^ + - 3fli) + + eA- 3Ei) 

Li ^1 

+ ^lEl (29e + en- ZRs) + ^ (29d + - 3^3) = 0 [49] 

L3 i^3 

Substituting numerical values, 

Ki = 2 K2 = S K3= 1 
F = 288 xx = 6% 

32 

4061b + leSc - 12i2i = ^ [47] 

160B + 369c - 6E3 = -— [48] 

Bb + - 2Ri -%R^ = Q [49] 
i23 = y2Ri [50] 

Solving these four equations gives 

1.2179 0.9563 ^ , 0.1178 01767 

= + — ec= - «i = + — g-. «3 = + 



From which, 

Mas = 3.46"' Mba = = 8.33"' 
Mdc = 2.97"^ McB = McD = 4.89"^ 

These values check with the values found in the other two solutions 
and the labor involved is very greatly reduced. 
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43. Moment Distribution. The method of moment distribution 

was first pubhshed by Professor Hardy Cross* in May, 1930, although 
he had been teaching the method to his students for several years 
previously. Concerning this method, Professor W. M. Wilson of the 
University of Illinois said: 

The moment distribution method is a distinct addition to the tools of the 
engineer. The ease and rapidity with which the moments can be deter- 
mined subordinates the mathematical processes and leaves the engineer free 
to concentrate upon the behavior of the structure. It is a tool for the 
engineer as distinguished from the mathematician. 

The moment distribution method is a method of determining the 
moments at the joints by a series of successive approximations in- 
volving only the simplest arithmetic. Any desired degree of accuracy 
may be attained by increasing the number of approximations or 
cycles. Usually three or four cycles will give satisfactory results. 

In any beam or frame with rigid joints, carrying loads, there is 
a tendency for the joints to rotate, and in some cases also to move 
from their original positions. These movements are shown, greatly 
exaggerated, in Fig. 41. The fundamental concept of the method 
is that all joints of the structure are held by some artificial means 
so that all movements are prevented. 

Then the joints are released succes- i__^t>r^ 

sively, and the resulting moments which A^Isf^ — 'f^^^^^'v^MBA 
are generated by the motion of each _.mTTTTTmiTnTin*'«'» 
joint when released are evaluated. Be- ^ iipjiuijiu^ - ^^ 
fore describing the method in detail, it ^ A 
will be necessary to develop a few fun- Fig. 49 

damental relationships. 

When a beam, fixed at one end, is acted upon by a moment at the 
other, as shown in Fig. 49, a moment is generated at the fixed end. 
When the moment of inertia of the beam is constant from end to 
end, the amount of this moment carried over from the rotating end 
to the fixed end may be determined from equations [41] and [42]. 

0 



= 0 


R = 




= 2EKeB 


Mba 


= AEKOb 


Mae 


= V2MBA 



Therefore, 

[51] 

* Trans. Am. Soc. Civil Engrs., Vol. 96, 1932, p. 1. 

See also Continuous Frames of Reinforced Concrete, by Hardy Cross and N. D. 
Morgan, Chap. IV. 



62 



RIGID FRAMES UNDER VERTICAL LOADING 



The coeflBcient of Mba is called the carry over factor, and for members 
with constant moment of inertia is }/2- It will be noted that the sign of 
the moment carried over is the same as that of the generating moment. 

When several members meet at a rigid joint as shown in Fig. 50, the 
total moment tending to rotate the joint will be divided among the 
members in proportion to their respective stiffnesses. 

Let Mb = total rotating moment at the joint, 



Mb = Mba + Mbc + Mbe + Mbd 



[52] 



and, from equation [42], 

Mba = ^EKxBb 
Mbe = ^EKzOb 



Mbc = '^EK-fiB 
Mbd = ^EK^dB 



From these equations it is seen that the moments carried by the mem- 
bers are proportional to the respective K = j values. K is therefore 
termed the stiffness factor. 



Ms- 
I 
I 

/I 




..frrnTmTTnTmmTr^ 



D 

Fig. 50 



Because the assumed condition of the structure at the start of the 
solution is with all joints locked in their neutral positions, the initial 
moments in the members will be the fixed end moments. Figure 51(a) 
shows a fixed end beam carrying a group of loads. 

The simple moment diagram and the fixed end moment diagram are 
shown in Fig. 51(6) and (c). 

From the principles of area moments, as the tangent is horizontal at 
each end, the area of the combined moment diagram is zero. Also as 
the deflection of B with respect to the tangent at A is zero, the moment 
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of the diagram about B is zero. 

^ MabL + MbaL 
F T 



= 0 



MbaL^ MabL'' 
Fxi r = 0 



[53] 
[54] 



2 K/>s per ft. 
A\ \ \ \ \ \ \ \ \ \B 



jl'O.Tff.'' 



I'll ft.* 



1=0.7 ft* |«— 6'- 
——10'— 



Solving these two equations, the fixed end moments are 

~ L 
4:F QFxi 



Ma 



Mba = — - 



[55] 
[56] 



To illustrate the method of moment distribution the three-span con- 
tinuous beam of Fig. 52 will be used. 

(a) Visualize the girder as three flexible members connected by rigid 
joints, as shown in Fig. 53, which are locked in a position such that the 




»7./9'^ -18.66 
-22.68^^ *IS.aO 



f 7.90 
-8.4S- 



-23.42 t/4.0a 
f 3.04.^^-14.08 

'^t4.S2 
4.52 



- 1.04 
* 9.90. 



11.34 
*a.35 



- 2 26^^* 



- 3.35- 
*3J5 



-4.B3 *4.I4 
■-S4.il 



- 2 26' ^*4.9S 
* 5.25x ,-4.9S 

-X — " 



- 2.4r 

*2 60 



V2.63 
■2.63 
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tangent to the elastic curve at the joint is horizontal. In line (a) 
write above the end of each member the fixed end resisting moment 
due to the loadings imposed. These are obtained from equations 
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[55] and [56]. Clockwise moments upon the ends of the members are 
considered positive. 

(b) If now the joint B is released, it will tip counterclockwise and 
have no turning moment upon it because it is free to rotate. The 
66.67"' is now resisted by flexure in members BA and BC, it being 
distributed to each in proportion to its stiffness factor, I/L. The total 
stiffness of a joint is the sum of the stiffnesses of all the members meet- 
ing at the joint and is written inside the joint (as shown 0.125 for 
joint B and 0.114 for joint C). The other joints are released and 
balanced successively and the balancing moments written in line (6). 
The line drawn under the moment indicates that the joint at that time 
is in balance. 

(c) As shown in Fig. 49, when joint B was released the initial fixed 
end conditions at A and at C were disturbed. Half of the induced 
moment —29.35 at B is carried over to A and half of —37.32 is 
carried over to C. These carry over moments are shown in line (c). 

(d) The joints are now again in a state of unbalance and 
the unbalanced moments must again be distributed in the same 
manner as line (b). At joint B, for example, the unbalanced 
moment is +33.33 + 7.19 = +40.52. This moment is dis- 
tributed X 40.52 = 17.84 to member BA and X 40.52 = 

0.125 0. l-io 

22.68 to member BC. These are set down with signs reversed in 
line {b'), striking a new balance. 

The moment upon the end of any member at any stage of the process 
is the algebraic sum of the items then tabulated. When a cycle of carry- 
ing over and distributing changes the total by an amount so small as to 
be negligible in design, the process is discontinued. After the end 
moments are known the reactions and moment diagrams may be obtained 
by statics. The total moments at the end of the third and fourth cycles 
are shown in Fig. 53. A slope deflection solution gives results as shown 
below. 

Slope deflection Mb = 54. 19"^ Mc = 8.26"^ 

Moment distribution (4 cycles) Ms = 54.11 Mc = 8.40 

44. Moment Distribution — Side Sway. In any unsymmetrical 
frame, or in any symmetrical frame with unsymmetrical loading there 
will be a side sway. The joints will nut remain fixed in position as in 
the problem of Art. 43. In these cases the joints must be balanced both 
for rotation and position, or in other words the shears must be balanced 
as well as the moments. 
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Fici. 54 



mm 



Take the case of the frame shown in Fig. 54. If all the joints are 
locked against both rotation and translation, the fixed end moments, 
from equations [55] and [56], in the member BC will be 23.42'"' at B 
and 14.08'" at C. The mo- 
ments in the members AB and 
CD are all zero. These are all 
entered as items (a) in the mo- 
ment distribution diagram, Fig. 
55. Joints B and C are now 
released for rotation, as in the 
solution of Art. 43, and the 
moments carried over. This 
gives items (6) and (r) at the 
end of each member. As the 
ends A and D are assumed fixed 
by construction, they are never 
released for rotation. 

In member AB the total mo- 
ment is now -f3.90 at A and 
+ 7.81 at B. As these are both 
positive, the resultant shear in 
the member is their sum divided by the length of the member, 20 ft. 
Shear = +0.58. Similarly, for member CD the shear is —0.21. As 
there are no other horizontal forces it is evident that a residual hori- 
zontal force must exist at joints B and C by virtue of their being 
locked in position. If now they are released for horizontal motion, 
the unbalanced shear will be distributed between the two vertical mem- 
bers. Since the two joints B and C must deflect equally, the moments 
due to the unbalanced shear will be divided between the members in 
proportion to their respective stiffnesses, and, as there is assumed to be 
no rotation of the joints during this adjustment, the moments will be 
equally divided between the top and bottom of each member. These 
moments are set down as items (d), and opposite these are set down 
the total moments at the ends of the members. It will be found that 
the total moments at joints B and C are now unbalanced and must 
again be released and balanced. This process may be carried through 
as many cycles as is deemed necessary. After the fourth shear balance 
the total moments at joints B and C are still slightly unbalanced. 

When a frame has legs of difJerent length, as in Fig. 41, the shear 
balance is not distributed between the two legs in proportion to their 
I/L values. 
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Let m-i = moment correction at ends of AB. 
= moment correction at ends of CD. 

Since the deflections of the two legs must be equal and the ends of 
the members are locked against rotation, making the moment correc- 
tions at the two ends of the member equal, from moment area prin- 
ciple 2, Art. 41, 

mi 



E^ = 



miLl rnsLl mi IiLl 



6/i 



6/. 



or 



[a] 



The shear on a member without intermediate loads is equal to the sum of 
the two end moments divided by the length of the member. And, since 
the total shears in the two legs must balance, 



2mi _|_ 2m3 _^ Ma + Mb _^ Mg + Mp ^ ^ 
Li Lz Li Ls 

After the first moment balance and carry over in Fig. 56, 

Ma = +3.2, Mb = +6.4, Mc = -1.78 and Md = 

From equation [a], 

mi 



-0.89 
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From equation [b], 

^ + 5 + 0.466 = 0 
6 4 

Solving these equations, 

mi = -1.315 ma = -0.988 
The complete solution for six cycles is shown in Fig. 56. 




nun 



!? fc ^ 



45. Variable Moment of Inertia. If the moment of inertia of a 
member is not constant throughout its length the fixed end moments, 
carry over, and stiffness factors will be different from those found 
for members with uniform cross section. In comparatively few cases 
is it feasible to write the equation of moment of inertia variation and 
perform the necessary integrations to find the required constants 
mentioned above. 

The method here presented was developed by Professor George E. 
Large* and permits of any conceivable variation of the moment of 
inertia of a member. 

When a member is unsymmetrical about its center line there will 
be different stiffness and carry over factors for the two ends. After 
the fixed end moments, carry over, and stiffness factors are determined, 

* Tram. Am. Soc. C. E., Vol. 96, 1932, p. 101. 

See also Bulletin 66, Engineering Experiment Station, Ohio State University. 
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the moment distribution solution is made in the same manner as 
previously described. 

Figure 57(a) represents a beam of variable cross section involving 
complete dissymmetry. 




Fixed End Moments. Let Mi and M2 be the unknown fixed end 
moments, Fig. 57(f)). It is convenient to construct the three moment 
diagrams separately as shown in Fig. 57(c) , the positive simple moment 
diagram, and the two negative moment diagrams for Mx and M^. 
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When the ordinates to these three diagrams at any point are added 
algebraically, the net bending moment due to loading and restraint 
is obtained. 

Knowing the moment of inertia variation as shown in Fig. 57(d), 
the three M/I diagrams may be sketched, keeping the three portions 
separate as was done in the moment diagrams (c). Unless there is 
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some reason for not doing so, the beam should be divided into a 
number (10 in this case) of equal sections. This will greatly facilitate 
the calculations. The area under each curve of the M/I diagrams is 
found by a summation of the individual trapezoids. Moments of 
the areas and the three centroids are determined. 

To find the moment of the area draw diagonal lines subdividing the 
trapezoids into pairs of triangles with a common vertical side. The 
areas of two such triangles (shown shaded) are equal, and their 
centroids are equidistant from the common ordinate. Therefore, the 
moment of the pair is equal to the ordinate times the base, times 
the distance of the ordinate from the axis of moments.* The table 
shows the necessary calculations. 

By the first principle of area moments. Art. 41, the algebraic sum 
of the M/I areas must equal zero. 

3 X 89.15 - 3 X O.912M1 - 3 X 1.227M2 = 0 

♦This method was suggested to the authors by Mr. R. E. Peck, Associate Mem- 
ber of the American Society of Civil Engineers, St. Louis, Mo. 
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By the second principle of area moments the algebraic sum of the 
moments of the M/I areas about the left end of the member must 
also equal zero. 

3 X 1607.8 - 3 X 12.696Mi - 3 X 24.079M2 = 0 

Solving these two equations simultaneously, the fixed end moments 
are found to be 

Ml = 27.25"' M2 = 52.41"' 

Carry Over Factor. The carry over factor is defined as the ratio 
of the moment at the fixed end to the moment producing rotation at 
the rotated end. For members of uniform cross section this was shown 
to be ^2- See Art. 43, Fig. 50. The rotated end corresponds to the 
Joint just released for moment distribution, whereas the fixed end 
is the remote end of the member. Unsymmetrical members have two 
carry over factors, depending upon which end is rotated. 
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Referring to Fig. 58(a) , the problem is to find the fixed end moment 
at B in terms of the applied moment at A. The M/I curves for 
and M2 have already been determined in Fig. 57 and their areas and 
centroids calculated. The algebraic sum of the moments of the M/I 
areas about A must be zero, as the deflection of A with respect to the 
tangent at B is zero. 

3 X O.912M1 X 13.92 - 3 X 1.227ilf2 X 19.62 = 0 

From this equation, M2 = 0.529Mi and the carry over factor from the left 
end to the right is 0.529. 

Similarly, by rotating the right end and holding the left end fixed, as 
shown in Fig. 58(6), the algebraic sum of the areas about B is zero. 

3 X I.227M2 X 10.38 - 3 X O.912M1 X 16.08 = 0 
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From this equation, Mi = 0.867^2 and the cnrry over factor from the 
right end to the left is 0.867. 

Stiffness Factor. The stiffness of a member is measured by the amount 
of moment necessary to rotate its end through a unit angle when the 
other end is held fixed. For members of uniform cross section the stiff- 
ness was shown to be proportional to I/L. See Art. 43, Fig. 50. 

As in the case of the carry over factor, the stiffness factors for the two 
ends of an unsymmetrical member will be different. Since / is variable, 
the moment of inertia at some definite point of the member must be used 
for reference. In this case the value at the left end, Ii, will be used and 

the stiffness factor will equal k- ^ 



I in which A; is a constant to be deter- 



mined for each end of the member. 
Again referring to Fig. 58(a), 



M 



Edi = area of the — diagrams 



In equation [52], Art. 43, for members of uniform section this was found 
to be 

ML 
4/ 



Ed = 



In this case 



Edi = ^ = 3(0.912Mi 



1.227Af2) = 



Ml X 30 
4ki X 28 



When the right end is fixed, as in Fig. 58(a), M2 = 0.529Mi, as calcu- 
lated in determining the carry over factor. Substituting this value of 
M2 and solving, ki = 0.34, 
and the stiffness factor for 
the left end is 0.347i/L. 

Similarly, by using Fig. 
58(6), k2 = 0.205, and the 
stiffness factor for the right 
end is 0.205/i/L. 

46. A Roof Frame. The 
roof frame shown in Fig. 59 
may be solved by moment 
distribution, but corrections 
must be made for joint trans- 
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lation as was done in the bent of Art. 44. 

The load is one kip, vertical, per linear foot of rafter. First the 
moment distribution for the frame is carried through with the joints 
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fixed in position, but allowed to rotate. This solution is presented 
in Fig. 60. 

The moments indicated in Fig. 60 are not final, as joints B, C, and 
D were assumed fixed in location. By moments about C, as shown 




in Fig. 61, the necessary force at B (and D) to prevent translation is 
found to be 

43.04 + 22.36 X 10 - 1.58 X 25 ^„ _ . 




If the force Hb is removed, the frame will deflect as shown in Fig. 62. 

span 

The vertical deflection of the point C will be approximately . X A. 

^ X rise 

In this case it will be 2A. 

If the joints B, C, and D are not allowed to rotate when Hb is removed, 
the shears in the members, and from these the end moments, may be 
calculated. 
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The deflection of the rafter is A' and 

a' = 2A cos a + A sin a 
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In this case 



a' = (2 X 0.895 + 0.447)A = 2.24A 



As A is unknown, the solution must be by approximations. 

Suppose that the shear produced in the member ABhy the deflection A 
is5.0\ Then 

Mba = Mab = 5.0 X 7.5 = 37.5"' (all joints rigid) 

5(7.5)^ X 2 



A = 



3E X 13^/ 



For member BC, 



2.24A 



.5(11.18)=* X 2 



SEI 

Equating the values of A, 
Sbc = 0.451 X 5 = 2.254'^ 

McB = Mbc = 2.254 X 11.18 
= 25.20"' 

Using these induced moments and dis- 
tributing, the resulting moments are 
as shown in Fig. 63. 

Referring again to Fig. 61, 

Mc = 43.04 - 24.20 = 18.84"' 
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Ha = 1.58 + 



15 



= 3.171= 



and, by moments about C, 

18.84 + 22.36 X 10 - 3.17 X 25 



Hb = 



10 



= 16.32^ 



Increasing the shear in the member AB by 5.0 kips reduced Hb by 
22.71 — 16.32 = 6.39''. Therefore, by proportion, the shear in AB 
should increase. 

22.71 Shear 



6.39 5.0 
This will increase the moments in Fig. 63 by 



Shear = 17.77'' 

17.77 



5.00 



3.55 times. 
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Adding these to the moments of Fig. 60 gives 

Mba = Mbc = 23.70 + 3.55 X 23.86 = 108.40"' 
McB = -43.04 + 3.55 X 24.20 = 42.87"' 

108.40 ^ 
Ha = —rr- = 7.23>^ 
15 

Referring again to Fig. 61 and taking moments about C, 

-42.87 + 22.36 X 10 - 7.23 X 25 _ 
Hb = ^ - 0.0 

This checks the above results. 

47. Many-Storied Building Frames. The preceding articles of this 
chapter have given theoretical methods of analysis of continuous frames 
which can be used for determining moments, shears, and direct stresses 
when the relative stiffnesses of the members of the frame are known. 
Building frames usually consist of a large number of members and 
are very much more complex than the simple frames used as illustra- 
tions. It is also true, however, as stated in Art. 36, that great ac- 
curacy in the determination of the stresses is not necessary because of 
the uncertainties in the loads to be carried and the properties of the 
materials. 

In many-storied, many-paneled frames the effect of loads far re- 
moved from the member in question upon the stresses in that mem- 
ber is small. 

Professor F. E. Richart of the University of Illinois has presented 
the results of " A Study of Bending Moments in Columns " in a paper 
read before the American Concrete Institute in February, 1924, and 
printed in the Proceedings of the Institute, Volume XX, page 495. 
The following discussion and the accompanying diagrams are taken 
largely from Professor Richart's paper. 

It is obvious that the wall column must always be subject to an 
unbalanced moment due to floor loads. The magnitude of the moment 
in the column depends upon the relative sizes of the columns and 
girders in the immediate vicinity, and the position of the live load. 
Figure 64 shows the skeleton framework of a bent with live loads 
indicated on those panels producing a maximum moment in the 
column AG, just below A and above G. Since more than 90% of this 
moment is produced by loads on the two adjacent spans AB and GH, 
and since the loading of these two spans is much more likely to occur 
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than that of the arrangement shown in Fig. 64, the case of a live load 
on the two spans AB and GH only has been used in the following 
studies. 

Coefficients for the moments in the girders and column in terms of 
the full fixed end moment in the girder {wL^/\2 for uniform load) have 
been worked out for varying ratios of 
column stiffness to girder stiffness. 
{K = I/L, see Art. 42.) Values of 
these coefficients are shown in the 
curves of Fig. 65. 

These curves were derived for equal 
panels and equal stories but will apply, 
with sufficient accuracy, to frames of 
usual proportions. In these solutions 
K is the ratio of the moment of inertia 
of the member to its length, and r is 
the ratio of the K of the column above 
to the K of the column below the girder 
at the floor under consideration. The 
ratio of the K of the column to the K 

of the girders is determined by using the average of the column K's 
above and below the girder. The upper set of curves in Fig. 65 may 
be used for live loads and the lower set for dead loads. The moment 
at the end of the girder is equal to the sum of the moments in the column 
above and below it. 

The moment in a column at the roof level can be determined by 
the same procedure as at other floors. Thus, in taking the average 
of K for the column above and below the roof level, since there is no 
column above, the average value is obviously one-half the value of 
K for the column below. The coefficient of moment in roof columns 
is generally greater than at other floor levels, for whereas the single 
column does not offer as great an end restraint and hence does not 
attract as great a proportion of the full negative moment as would 
two columns, still this moment must all be carried by the one column. 

The dotted curves for moments in the lower column have been drawn 
with abscissas magnified 10 times for use with ratios of K of columns to 
K of girders less than 1.0. 

The exterior columns of a building must be proportioned to carry 
the direct stress due to loads on all adjacent spans and the bending 
stress produced by the unbalanced floor loads. For the upper stories 
of a building, in which the direct load on the columns may be relatively 
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small, the bending stresses are of greater importance than in the lower 
stories. 

Bending moments in interior columns are generally not of par- 
ticular importance, since, if adjacent spans are equal and all spans 
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are loaded, the floor loads are balanced and there is no moment 
produced on the column. In the case of equal spans the dead load 
is always balanced and it is largely balanced with the usual unequal 
spans. Also the dead load usually far exceeds the live load in 
magnitude. 
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When the spans or loads are greatly unbalanced a good approxi- 
mation of the column moment may be obtained by using the curves 
of Fig. 65 in connection with the difference in girder moments on 
the two sides of the column. 

For highly irregular bents one of the more exact solutions given 
in the earlier part of this chapter may be used. 
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WIND BRACING 

The following is a quotation from an address delivered by Pro- 
fessor Hardy Cross at Cambridge, Mass., September 16, 1938, given 
with his permission. 

Often, many assumptions as to stress distribution may be equally good. 
Here it is quite as scientific to proceed from a solution of stresses to a con- 
sideration of assumptions compatible with them as to proceed from fixed 
assumptions to a mathematical solution. 

Recognizing all the dangers of such terminology, we may still say that we 
are trying to think as the structure thinks — an ideal that we ever pursue 
and never quite grasp. And this is a structure in the field, not one on a 
drafting board or in a laboratory. It will try to do what the designer has 
asked it to do if the designer has been at all reasonable; it has been said, you 
know, that God is on the side of the erring engineer. 

48. Effective Bracing. In any building design consideration must 
be given to the tendency of the lateral forces to distort the structure 
or even to overturn it. The lowest frame buildings require bracing 
to keep them upright, and the problem is accentuated with increase 
in height to width ratio. Quoting from the Final Report of the Com- 
mittee on Wind Bracing,* 

Proper design of wind bracing involves provision for stability, strength 
and rigidity. The relative importance of these three factors varies consid- 
erably, but adequate consideration must be given to each. 

The frame of a building is made up, in general, of vertical members 
(columns) and horizontal members framed between the verticals (beams 
and girders). In tier buildings the horizontal members of the floors occur 
at fairly regular intervals throughout the height and, with the floor slabs, 
form horizontal diaphragms uniting the columns at each floor level. The 
purpose of the wind bracing is to preserve this frame from undue distortion 
when subjected to horizontal forces. 

In a building frame as described, the tendency of the panels formed by 
the columns and their connecting beams or girders to distort, due to hori- 
zontal thrust, is resisted by the connections at the columns and by the 
members in bending and direct stress. Where several columns occur in a 
line, they form a bent which (to a degree depending on the rigidity of the 
beams, their connections, and the nature of the bracing utilized) tends to 
resist the horizontal thrust in the manner of a vertical truss with the columns 

* Trans. Am. Soc. Civil Engrs., Vol. 105, 1940, p. 1720. 
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forming multiple chords, and the columns, beams and girders forming the 
web. The columns on the windward side of the axis of the bent become 
tension chords and those on the leeward side, compression chords. 

In a successful design, the building must be assumed to act as a unit, and 
not distort appreciably when subjected to the apphed lateral loads. 

The floors of a building must act as horizontal diaphragms for the delivery 
of wind-load increments that arise in each story to the braced bents that are 
provided to receive them. Bracing planes usually run in more than one 
direction, and the floors must possess the necessary strength and rigidity 
under loads in their own planes to deliver these wind loads. If the floor is 
incapable of serving as a horizontal distribution unit, horizontal bracing 
should be provided between the braced bents. Most of the customary 
systems of floor construction used in fireproof buildings possess the requisite 
strength for this purpose. 

As ordinarily constructed, the walls of a modern tall building caimot be 
relied upon to absorb any appreciable fraction of the apphed wind force. 
Apart from the uncertainty as to whether the walls act integrally with the 
frame at the outset, it is obvious that if stressed heavily under horizontal 
loading they would crack and cease to be a dependable element of strength.* 
In setback buildings, the walls in the planes of the tower sides, of course, are 
discontinued below the roof of the widened portion of the building. Nor 
can wind resistance be counted upon for partitions, which, in general, are 
removable. For these reasons, whatever may be their role in lessening deflec- 
tion and vibration, walls and partitions in buildings having a high ratio of 
height to width should be ignored in strength calculations, and provisions 
should be made in the structural frame for the entire recommended wind 
load. 

It is recognized, of course, that buildings of low height-width ratio having 
heavy continuous walls derive much bracing advantage from the walls. 
Whether added bracing is necessary or not must be left to the analysis and 
judgment of the designer in each particular case. 

49. Allocation of Wind Forces to Braced Bents. 

Whereas in buildings of moderate height-width ratio it is generally possi- 
ble to adapt sufficient bracing to almost any proposed frame, in tower-like 
buildings placement of adequate bracing should be given attention in the 
early architectural studies. 

If the floors meet the requirements already given (or in the event that 
they do not, if they are adequately supplemented by bracing in horizontal 
planes), there need be no maximum limit of spacing of braced bents, nor 
any restriction imposed on carrying all the wind force to the end or side 
walls, if the bracing therein is sufficient to provide for the entire wind force. 

In order to avoid obstruction of desired clear spaces, bracing often may 
be placed advantageously in outside walls, or between elevators, or around 
permanent shaft or service areas. Provision can be made in the floor con- 
struction for horizontal transfer of shears at offset levels. 

Granted that the floors are capable of serving as effective distribution 
diaphragms for the applied wind loads, and that the columns at a given floor 

* Trans. Am. Soc. Civil Engrs., Vol. 105, 1940, p. 65. 
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level remain at fixed distances from one another, the various braced bents 
passing through the floor can be considered as taking loads in proportion to 
their rigidities and inversely as the deflections that would be produced in 
them under equal loads. For symmetrical towers under symmetrical loads 
the deflections of the braced bents at any floor will be equal and the loads 
will be distributed in proportion to the bent rigidities. 
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50. Types of Wind Bracing. A wind bent consists of a line of 
columns and their connecting girders. The bracing in the plane of 

the bent is called the wind bracing. 
This may be of several types. The 
ordinary types of girder to column con- 
nection as shown in Figs. 66(a) or 
66(b) serve mainly to transfer shear 
and have little resistance to bending. 
When architectural requirements of 
openings and passage ways do not per- 
mit the use of some form of diagonal 
wind bracing, these connections must 
be reinforced to care for the bending 
moments developed. The use of a split 
I-beam for the connection, as shown in 
Fig. 67, may be used when clip angles, 
as shown in Fig. 66(b), do not give 
sufficient rigidity. For buildings of moderate height and proportions 
this type of connection may be used throughout. But considerable de- 
flection will result if the frame is high, or if the ratio of height to 
width is great. 

Bracing consisting of full diagonals or K-frames are much more 
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economical and should be used where conditions will permit. Various 
arrangements of diagonal bracing are shown in Fig. 68. 
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51. Methods of Analysis. The lateral stability of any structure 
with quadrangular panels and without full diagonal bracing depends 
upon the rigidity of the girder to column connections ; and the methods 
of analysis or design of such structures are based upon the assump- 
tion that there is no slip in these connections, and that the angle 
between the axes of the members at the joint does not change. 

For an existing structure in which the sizes of the members are 
known the analysis of the stresses is exceedingly complicated. The 
moments, shears, and direct stresses carried by the various members 
depend upon their relative stiffnesses, and one of the methods given 
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in Chapter VI must be used. Quoting again from the Final Report 
of the Committee on Wind Bracing, 

For purposes of analysis the Cross method of moment distribution* has 
been found to be highly valuable, although for high frames the large number 
of cycles necessary to effect a sufficiently accurate solution renders it im- 
practicable. Both the Goldbergt and the Grintert methods make it possi- 
ble to effect a rapid and sufficiently accurate analysis. 

As a means of conducting a rapid investigation of a bent, the method of 
^-percentages § is recommended as particularly valuable. This routine 
procedure is based upon a consideration of the relative stiffnesses of the 
members of the frame from which the vertical wind reactions at all columns 
may be obtained with reasonable accuracy. 

Analysis by any of the methods based upon arbitrary assumptions 
as to the distribution of shears, direct stresses, or locations of points 
of contraflexure are valueless unless the frame is so proportioned that 
its elastic properties make the assumptions valid. 

The usual procedure in the design of any structure is to calculate 
from the loads, the moments, shears, and direct stresses in the mem- 
bers, and then to proportion the members to care for the calculated 
stresses. This general procedure may be followed in the design of 
wind bracing provided the fundamentals of elastic proportioning are 
not violated. Thus the total horizontal wind shear may be definitely 
distributed among the columns, and then the structure proportioned 
for this distribution; or the relation of the column direct stresses 
may be assumed and the structure proportioned to maintain the 
assumed relationship. The accuracy of either of these methods of 
analysis depends upon the relative rigidities of girders and columns, 
and, if these members are properly proportioned, the resulting struc- 
ture will distribute the stresses in accord with the original assumptions. 
The procedure in design, then, is divided into two parts, the calcula- 
tion of the moments, shears, and direct stresses according to some 
consistent set of assumptions, and the proportioning of the frame to 
agree with the assumptions and to carry the stresses safely. The two 
methods of calculation in most common use are the portal method 
and the cantilever method. 

52. Simple Portals. To develop the reasoning behind these stat- 
ically determinate methods of analysis for many-storied, many-paneled 

* Cross Method, Transactions Am. Soc. Civil Engrs. Vol. 96, 1932, p. 1. 
See also Bulletin 66, Engineering Experiment Station, Ohio State University, 
t Goldberg Method, Trans. Am. Soc. Civil Engrs., Vol. 99, 1934, p. 962. 
J Grinter Method, Trans. Am. Soc. Civil Engrs., Vol. 99, 1934, p. 610. 
§ iC-Percentages, " Wind Stress Analysis by the -Percentage Method," by 
F. P. Witmer, Trans. Am. Soc. Civil Engrs., Vol. 107, 1942, p. 925. 
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frames, let us consider the simple two-column bent of Fig. 69(a). 
This bent, or portal, is subjected to a lateral force of 10 kips. If the 
columns are considered as rigidly fixed at the base, it is easy to visual- 
ize the distortion of the frame as shown in Fig. 69 (6) . 

The location of the contraflexure points in the columns will depend 
upon the relative rigidities of the columns and girder. If the girder 
is very stiff compared to the column, the contraflexure points will ap- 
proach the midheight of the columns, and, if the girder is very flexible, 
the contraflexure points will approach the tops of the columns. If 




(a> (b) Cc) 

Fig. 69 

the columns are alike, the contraflexure point in the girder will be 
at its midlength. For an approximate analysis, the location of the 
points of contraflexure in the columns may be estimated. In this 
problem we will assume them to be two-thirds the height from the 
bottom as shown. 

Taking a section through the points of contraflexure in the columns 
and considering the upper part of the bent EBCF as a free body, the 
shear in each column is equal to 5.0 kips. {J2 horiz. comp. = 0) and 

10 X 5 

by moments about E the direct stress in the column is = 5.0 

10 

kips, compression in CD and tension in AB. 

Considering the portion EBG as a free body, the shear in BG is 5 
kips (Y, vert. comp. == 0) and the direct compression in BC = 5.0 
kips (X horiz. comp. = 0). From these shears the bending moments 
may be calculated. Figure 69(c) indicates the directions of the shears 
and the bending moment diagrams. The diagrams are plotted with 
the convention of showing the moment on the side of the member where 
the flexural stress is tension. 

Figure 70(a) shows a knee-braced type of portal. When knee braces 
can be used it is not customary to make the girder connections at 
B and C rigid, but to use an ordinary connection such as is shown 
in Fig. 66(a); therefore, the joints B and C will be considered as 
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hinged. This assumption is on the side of safety. The contraflexure 
points in the columns will fall near the midpoint between A and H. 
This location is sufficiently accurate for an approximate solution. 

Taking a section through the points of contraflexure in the columns, 
and considering the upper part of the bent EBCF as a free body, the 



1' ^ I'l'l^ l 

10" , B g _ C 



(cd 



-f 



4 



10" (g' ^1 1 



(c) 



shear in each column is equal to 5.0 kips {Y, horiz. comp. = 0), and, 

10 X 9 

bv moments about E, the direct stress in the column is = 9.0 

kips, compression in CD and tension in AB. 

Considering the portion EBG as a free body, the shear in IG is 9.0 
kips (22 vert. comp. = 0) , and the direct compression in IG is 5.0 kips 
horiz. comp. = 0) . 

Now considering a section cutting the knee brace as shown in Fig. 
70 (b) and with a center of moments at H, 

J5 X 3 = 10 X 3 + 5 X 6 and IB = 20 kips(c) 

From X horiz. comp. = 0, the horiz. comp. of i77 = 20 — 10 + 5 
= 15 kips, and HI = 15.0 X sec. 45° = 21.2 kips(i). From vert, 
comp. = 0, the shear in ZB = 15 — 9 = 6 kips, and, from vertical reso- 
lutions at B, the direct stress in BH = 6.0 kips (c) . The stresses in the 
right half of the bent will be the same as those in the left half with 
the signs reversed, with the exception of JC, which will have a direct 
stress of 10.0 kips(i). Figure 70(c) shows the moment diagrams for 
the members and the direction of the shears. 

53. Continuous Frames, Portal Method. This method of analysis 
was first published in a series of articles in Engineering News in 1913, 
by Robins Fleming. These articles were later assembled and pub- 
lished by Mr. Fleming under the title of Six Monographs on Wind 
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Stresses* This method was described also by H. J. Burt in a small 
volume entitled Steel Construction, published in 1914. 

In the portal method the bent is assumed to act as a series of 
portals consisting of two adjacent columns and the connecting girders, 



as indicated in Fig. 71. Thus each interior column becomes a mem- 
ber common to two adjacent portals, and the shear in an interior 
column is, therefore, double that in an exterior column. 
The assumptions made in the portal method are: 

1. The connections between the girders and columns are perfectly 
rigid so that the angle between the tangents to the elastic lines at 
their intersection does not change. 

2. The change in length of a member due to the direct stress in 
it is negligible. 

3. The lengths of the members are taken as the distances between 
the intersections of their neutral axes. 

4. The deflection of a member due to internal shearing stress is 
negligible. 

These four assumptions are common to all the usual methods of 
analysis and design. In addition the portal method assumes: 

5. The points of contraflexure of the columns are at their mid- 
heights. 

6. The points of contraflexure of the girders are at their mid- 
lengths. 

7. The shears in the interior columns are equal, and the shear in 
each exterior column is equal to half the shear on an interior column. 

* See also " Wind Stresses in Buildings," by Robins Fleming, John Wiley & 
Sons, 1930, and " Wind Stresses in the Frames of Office Buildings," by Albert 
Smith, J. Western Soc. Engrs., Vol. 20, April, 1915, p. 341. 
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If these seven assumptions are true, the shears, moments, and direct 
stresses in the members of the frame are statically determinate. 

Owing to the tendency of the column anchorage to its base to fix 
the lower end of the column in the basement story, assumption 5 above 
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is usually modified by locating the points of contraflexure in this story 
about two-thirds of the story height above the base. 

To illustrate the application of the portal method, consider the six 
story bent shown in Fig. 72. The points of contraflexure are indicated 
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at the midlengths of the members in accordance with assumptions 5 
and 6, modified in the basement story on account of the assumption 
that the bases of the columns are fixed. 
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The wind loads are assumed to be delivered to the bent as con- 
centrated loads at the floor levels, by the walls and spandrel girders. 

The total wind shear in any story is shown divided among the 
columns in accordance with assumption 7. In this case the total wind 
shear H in any story will 



be divided, % to columns 
A and A', and % to col- 
umns B and B'. 

To compute the shears 
in the girders and the direct 
stresses in the columns it is 



(a) 



necessary to start at the roof and proceed downward. Figure 73 shows 
the roof and fifth story columns as a free body in equilibrium. The 
column shears are known. Figure 73 may be divided into three parts 
by cutting the girders at their contraflexure points, as shown in Figs. 
74(a) and 74(b). In Fig. 74(a), by moments at A, 

Y\b X 10 = ffi X 6 and V^b = 0.48 kip* 
Similarly, in Fig. 74(6), by moments at B, 

Vis X 12 + X 10 = X 6 and Ffs = 0.40 kip 

In Fig. 74(a), by vertical resolutions, 

Y\ = Y\b = 0.48 kip(<) 

In Fig. 74(6), by vertical resolutions, 



VIb = 0.08 kip(c) 



Each story and floor may be divided by sections in a similar manner, 
and the shears and direct stresses determined. These are all shown on 
Fig. 72. 

* The .superscripts refer to the story or floor of the member. 



88 



WIND BRACING 



If the panels had been equal, the girder shears in any floor would 
have been equal and the interior column direct stresses all zero. If 
the middle panel had been narrower than the outside panels, the 
direct stress in column B would have been tension instead of com- 
pression. 

The bending moments in the columns and girders may be obtained 
by multiplying the shear in the member by the distance from the 
contraflexure point to the joint. Thus, the maximum moment in roof 
girder AB is 0.48 X 10 = 4.8 ft-kips, and the maximum moment in the 
second-story column 5 is 6.4 X 6 = 38.4 ft-kips. These moments are 
shown graphically on Fig. 72. 

The girder direct stresses are always small and seldom need be taken 
into account. They may easily be calculated by horizontal resolu- 
tions; thus, in Fig. 74, the direct stress in girder AB is 4.8 — 0.8 = 4.0 
kips(c). 

54. The Cantilever Method. The cantilever method of analysis was 
first published by A. C. Wilson in 1908* and was also described by 
Mr. Fleming in his Six Monographs on Wind Stresses, referred to in 
Art. 53. This method assumes that the wind bent acts as a vertical 
cantilever, anchored at the base, and that the shears and direct stresses 
are distributed in a manner similar to those in a solid webbed beam. 

Referring to the assumptions made in the portal method given in 
Art. 53, the first six assumptions in the cantilever method are the same, 
but instead of the seventh assumption of the portal method, the follow- 
ing is substituted. 

7. The direct stresses in the columns are directly proportional to 

their distances from the neutral axis of the bent. 

By this assumption the columns of the bent become chords, and 
thus their direct stresses are frequently called chord stresses. The 
cantilever action implies that any horizontal plane section remains a 
plane after bending. In very tall buildings this is advantageous be- 
cause the irregular lengthening and shortening of the several columns, 
due to direct stresses in them when proportioned by the portal method, 
may cause large secondary bending stresses in the girders.f 

In determining the total direct stresses in the columns from assump- 
tion 7 above, the relative column areas should be taken into 
account because the maintenance of planarity depends upon the uni- 
form variation of unit stresses. 

* " Wind Bracing with Knee Braces or Gusset Plates," by A. C. Wilson, Eng. 
Record, Sept. 5, 1908. 

t " Tests and Design of Steel Wind Bents," by Large, Carpenter, and Morris, 
Bulletin 93, Engineering Experiment Station, Ohio State University. 
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Figure 75 shows the same bent as Fig. 72, previously solved by the 
portal method. In this case we will assume that trial computations 
have shown that the areas of columns A and B will be approximately 
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Cantilever Method 

equal. Calling the direct stress intensity in column A equal to unity, 
the relative stress intensity in column B will be of that in 

column A. 

Figure 76 shows the bent above the contraflexure level in the third 
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story, as a free body, and the relative column direct stresses. If 
O.T.M. designates the wind overturning moment about a column con- 
traflexure level, 

O.T.M. - 2 X 32F^ + 2 X 12Vb 



From assumption 7, 



Vb = %Va and Va = 



O.T.M. 
73 



From these equations the column direct stresses may be obtained in 
any story. The 73 ft in the denominator of the last equation is 
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sometimes spoken of as the equivalent base of the bent. The total 
column direct stresses are recorded on Fig. 75. 

Segregating the joints as in Fig. 74, the girder shears may be 
calculated by vertical resolutions. Referring to Fig. 74(a), 

V^B =Vl = 0.39 kip 

and, referring to Fig. 74(6), 

V§B = Vab + 7| = 0.39 + 0.15 = 0.54 kip 
.For the second floor girders, referring to Fig. 75, 

Vab = Vi-Vl = 9.86 - 6.31 = 3.55 kips 
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and 

Vbb = VIb + Fi - F| = 3.55 + 3.70 - 2.37 = 4.88 kips 

The column shears are obtained by taking moments about the joints, 

successively. Referring to Fig. 74(a), 

fl'i X 6 = F^B X 10 and = 0.66 kip 

and, referring to Fig. 74(6), 

X 6 = F^B X 10 + F|b X 12 and = 1.74 kips 

The other column shears may be obtained similarly. All the shears 
and direct stresses are shown on Fig. 75. The bending moments in 
the girders and columns are obtained by multiplying the shear in the 
member by the distance from the contraflexure point to the joint. 
These moments are shown graphically on Fig. 75. 

It is interesting to note the wide difference in the stresses when 
calculated by the portal method and by the cantilever method. 

55. Unsymmetrical Bents. The calculation of wind stresses for an 
unsymmetrical bent follows the same principles used in the calcula- 
tions for symmetrical bents. 
Figure 77 shows the upper two 
and one-half stories of an un- 
symmetrical bent. The col- 
umn spacings and the relative 
column areas are given on the 
figure. The calculations will 
be made according to the 
cantilever method. 

The neutral axis of the bent 
is located 30.13 ft from col- 
umn D, and the direct stress 
intensities are proportional to 
the distances from the neutral 
axis. When these are multi- 
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plied by the relative column areas, the relative column direct stresses 
are obtained. By moments, 

O.T.M. = VaX 29.87 + F^ X 9.87 + Fc X 5.13 -|- Fi, X 30.13 

Substituting the relative column direct stresses for Fb, Fc, and V d, we 
get 

_ O.T.M. 
^ ~ 66.72 



92 



WIND BRACING 



From this the column direct stresses, girder shears, column shears, and 
bending moments may be calculated. 

56. Knee-Braced Bent. Bents with knee braces may be calculated 
either by the portal or the cantilever method. Figure 78 shows such a 
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bent which has the same outside dimensions and loads as the bents 
shown in Figs. 72 and 75. 

When knee braces are used it is customary to use an ordinary girder 
to column connection such as is shown in Fig. 66(a), and to disregard 
the small resistance to bending which may be developed at the joint. 
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The points of contraflexure in the columns will fall about midway be- 
tween the foot of the knee brace and the floor below. With these 
assumptions, the stresses may be calculated by application of the laws 
of statics. The shears and direct stresses shown on Fig. 78 have been 
calculated by the cantilever method. In this problem the knee braces 
are placed at 45°. The dimensions given are to the center lines of 
columns and girders. 

Figure 79 shows the roof girders and fifth-story columns, cut at the 
contraflexure points. Considering the left half of girder AB, and with 
a center of moments at A, the vertical component of the knee brace 
stress, Vjc, may be obtained. 

F/f X 4 = 0.53 X 10 and Vk = 1.32 kips 

Or considering column A and with the same center of moments, the 
horizontal component of the knee brace stress, Hk, may be found. 

Hk X4: = 0.66 X 8 and Hk = 1.32 kips 

The stress in the knee brace is 1.32 X 1.414 = 1.87 kips(f) . By similar 
equations the stresses in all the knee braces may be obtained. 

Figure 80 shows a typical moment diagram for the girders, and Fig. 
81 shows the moment diagram for column A. 






B 









Moment Diagram Roof Girders 

Fig. 79 Fig^ 

57. Deflections and Vibrations. As stated in Art. 49, the floors act 
as horizontal diaphragms which cause the building to deflect as a whole, 
and the loads carried by the various braced bents are inversely pro- 
portional to their deflections under equal loads. It is, therefore, very 
necessary that the question of bent deflections should be carefully 
studied. 

The sizes of the columns and girders must be sufficient to support the 
dead and live loads safely. This is the primary purpose of the building 
frame. After the column spacings have been determined to suit archi- 
tectural requirements, the next step is to determine the dead and live 
load stresses in the frame, and to proportion the members for these 
stresses. This will give a preliminary minimum design which may or 
may not have to be altered to care for the wind stresses and to give the 
frame the required lateral rigidity. 
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Quoting from the Final Report of the Committee on Wind Bracing.* 

Quite apart from the obvious necessity for providing adequate strength 
in structural members and details and for proper distribution of wind forces 
among the bents, care must be taken to insure that deflec- 
tions and vibrations are kept within such limits as render 
tall buildings comfortably habitable. 

Only experience will reveal the relation between com- 
puted maximum deflection and comfortable occupancy. 
By reason of the present impossibility of appraising in 
advance the restraining or damping effect of the non- 
skeleton parts of a building upon deflection, it is con- 
venient to use, as a measure' of the stiffness, the relation 
between the maximum deflection of the top of the frame 
and its height, assuming the frame to carry the entire 
lateral force. This might perhaps be called the " deflec- 
tion index." Because of the restraining effect of walls, 
partitions and floors, it does not represent the actual 
deflection, but some multiple of that quantity. Never- 
theless, it is a convenient standard by which to judge the 
probable stiffness of a building. 

Mr. H. V. Spurr, in his book, Wind Bracing, the 
Importance of Rigidity in High Towers,f gives a very 
interesting and logical treatment of the theoretical 
deflections of tower buildings with various types of 
wind bracing, and the design of wind bents to secure 
definite rigidities. In this book he states that experi- 
ence has shown that buildings designed to give a total 
theoretical deflection of the top of the frame, under a 
triangular wind load increasing from zero at the 
ground to 30 lb per sq ft at a height of 1000 ft, equal 
to 0.002 of the height, give a satisfactory behavior in 
the matter of deflection and vibration. 
Quoting further from the Final Report of the 
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Committee on Wind Bracing, 

It is possible that higher theoretical frame deflections would be tolerable, 
but relaxation in this regard should come only as a result of accumulated 
experience. 

Instances are known of well-designed buildings of 20 to 25 stories in 
height, having deflection indexes upward of 0.004/i or 0.005/i that have 
behaved satisfactorily. In addition to securing comfortable occupancy, a 
proper limitation of deflection guards against injury to internal and external 
masonry .f 

* Tram. Am. Soc. Civil Engrs., Vol. 105, 1940, p. 1713. 

t McGraw-Hill Book Co., 1930. 

t Proc. Am. Soc. Civil Engrs., June, 1939, p. 1024. 
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If the deflection index of 0.002/i, under the triangular loading recom- 
mended by Mr. Spurr, is accepted, the theoretical deflection under the 
wind load recommended by the Committee on Wind Bracing (see 
Art. 6) would be approximately 0.003/i. 

58. Elastic Requirements. The assumptions of either the portal or 
the cantilever method, as given in Arts. 53 and 54, can be realized only 
for those portions of fairly regular bents which are not in close prox- 
imity to the fixed column bases in the lower story or to set-backs or 
places where girders are 

omitted for wide openings, -n -| "'"^'"'^ 

or other irregularities.* . / <s \ \^ <i>\ \^ jL 

For the regular portions P ' 
of a bent the elastic re- 
quirements may be derived 
as follows.f If the point of Ei9.92... 
contraflexure is at the mid- 
length of a girder, the slopes of the elastic line at its ends must be equal; 
therefore, 

Oa = Sb = Bb' = Ba' 

From equation [41] of Art. 42, 

Mab = 2EKa{2dA +eB- 372) [1] 

For the girders, disregarding the lengthening and shortening of the 
columns due to direct stresses in them, the deflection is zero and, 
therefore, J2 = 0. Then, referring to Fig. 82, 

M\b = 2EKim = VIb^ 

^ VabL. [21 
i2Ee 

The total moment in any story of a bent (sum of the moments at 
both ends of all the columns of a story) is constant and equals the total 
shear in the story times the story height. Since the total moment in 
each story is constant, the sum of the moments at the ends of all the 
girders at a floor is constant, because the girders must resist the column 
moments. 

* " Tests and design of Steel Wind Bents," by Large, Carpenter, and Morris, 
Bulletin 93, Engineering Experiment Station, Ohio State University. 

t " Design of Tall Building Frames to Resist Wind," by Clyde T. Morris and 
A. Ward Ross, Jr., Bulletin 48, 1929, Engineering Experiment Station, Ohio State 
University. 
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MIb = QEKld and Ml^ = ^EKld [3] 
= 2EK'2{Se - 3i2„) and = 2EK^(3d - 3«^) [4] 
Ml = 2EK\{Ze - 3i2„) and = 2EKl(3d - 3ft„) [5] 

Also, from Fig. 82, 

M"ab = M^ + M\ and Ml^ + M^b = M'S + Ml [6] 
Substituting the values of the moments in the last two equations, [6], 
GEK^d = QEK^ie - R^) + &EK\{e - R^) [7] 
&EKZe + %EKt6 = QEKW - Rn.) + &EKl{e - i?„) [8] 
Assuming Rm = Rn and dividing [7] by [8], we get 

K + Kl 



[9] 



For the columns of any story, the sum of the moments at the ends of a 
column is equal to the column shear times the story height. Assuming 
the contraflexure points at the midheight, 

2M\ = Hlh and 2MI = Hlh [10] 

Substituting the values of the moments from equation [5], 

4:EK\{2,d - SRn) = Hlh 

~ 4£(3e - 3/4) ' ^ 

The denominator of equation [11] is constant in any story. 
Equations [2], [9], and [11], expressed in words, are 

1. The K's of the girders must be proportional to the girder shear 
times its length. 

2. The sum of the K's of a column above and below a floor must be 
proportional to the sum of the K's of the girders directly connected 
to it. 

3. The K's of the columns must be proportional to the column 
shears times the story height. 

59. Portal Design. The use of the portal method of design should 
be restricted to buildings of moderate height or height-to-width ratio, 
because, in high towers, when designed by this method, the large differ- 
ence between the direct deformation of the outside columns and of 
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those adjacent causes large secondary stresses in the girders, especially 
those in the upper stories.* 

Let us consider the sixth story of a regular twenty-story bent similar 
to the six-story bent shown in Fig. 72. The dead load of the floors will 
be taken as 120 lb per sq ft and the average live load as 35 lb per sq ft. 
The exterior walls will be assumed to weigh 80 lb per sq ft of wall 
surface. These are assumed to be walls with windows. This is an 
interior bent and the bays are 20 ft. 

The approximate loads on the columns of the sixth story are 

Column A Column B 

WaU = 14^X12X20X80=278.4 kips 0 
Floors = 15X20X10X155 = 465.0 " 15X20X22X155 = 1023.0 kips 
Column weights 14X12X80= 13.4 " 14X12X240(FP)= 40.3 " 

756.8 " 1063.3 " 

Using allowed unit stresses as given in the Specifications for the 
Design and Erection of Structural Steel for Buildings, 1941, of the Ameri- 
can Institute of Steel Construction, the required areas for the columns 
will be 

Column A = = 46.2 sq in. Try 14" WF 158 lb. 

16.37 

Area = 46.47 sq in. 
" WF 219 lb. 
Area = 64.36 sq in. 

These sizes are required for gravity loads alone. 

The specifications permit an increase of one-third in the unit stresses 
due to a combination of wind and other loads. It is possible, there- 
fore, that the sections required by the gravity loads may not have to be 
increased to care for the wind loads. 

From the assumptions of the portal method the shear in an interior 
column is double that in an exterior column; therefore, from equation 
[11] of Art. 58, the moment of inertia of an interior column should be 
double that of an exterior column. In the sixth story, if the sizes given 
above for gravity loads are used, the moments of inertia are 

For column A, 14" WF 158 lb I = 1900.6 in.^ 
For column B, 14" WF 219 lb / = 2798.2 in.* 

* See Bulletin 93, Engineering Experiment Station, Ohio State University. 



1 rj/jQ Q 

Column B = — — - = 64.8 sq in. Try 14" WF 219 lb. 
16.40 
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Apparently the size of column B 
should be increased in order to keep 
the shear distribution in the proper 
ratio. However, tests have shown 
that the relative column stiffnesses 
do not materially affect the shear 
distribution* if the girders are de- 
signed to give the required stiff- 
nesses from panel to panel. The 
only effect of the column irregu- 
larity will be to shift the point of 
contraflexure in the girder slightly. 

Figure 83 shows a diagram of the 
bent, and from this the shears, mo- 
ments, and direct stresses due to 
wind may be calculated, as was 
done in Art. 53, Fig. 72. These are 
shown for the fifth and sixth-story 
columns and the sixth-floor girders, 
in Fig. 84. 

Continuing our computations for 
the design of the columns: 

Sixth-Story Column A 

Direct stress = 108.0 kips 

Wind bending = 12.0 X 6.0 
= 72.0 ft-kips 



For the 14" WF 158 lb, the maximum fiber stress due to wind is 

108,000 



Direct 



46.47 



2320 psi 



Bending 



72,000 X 12 
253.4 



3410 



Total = 5730 



This is slightly greater than one-third the allowed unit stress for dead 
and live loads (16,370 psi), therefore, the section must be increased for 
strength. 

* Bulletin 93, Engineering Experiment Station, Ohio State University. 
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Try 14" WF 167 lb A = 49.09 in.^ I = 2020.8 in.* = 267.3 in.^ 

756,800 



Dead + live load unit stress = 
Wind direct " " = 

Wind bending 



49.09 
_ 108,000 
~ 49.09 
72,000 X 12 



267.3 



15,420 psi 
2,200 " 
3,230 " 



r 



»J •/2.0'[\\i,''/0t.0'6) 



Total = 20,850 " 





* m X » 


■" y - 
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The maximum allowed unit stress = 1.33 X 16,370 = 21,827 psi. This 
section will do. 

Sixth-Story Column B 

Direct = 18.0 kips 
Bending = 24.0 X 6.0 = 144.0 ft-kips 

For the 14" WF 219 lb, / = 2798.2, the maximum fiber stress due to 
wind is 

18,000 



Direct = 



64.36 



= 280 psi 



„ ,. 144,000 X 12 
Bendmg = '—^ = 4900 



Total = 5180 " 

This is less than one-third of the allowed unit stress for dead and live 
loads (16,400 psi) ; therefore the section will do. 

Girder Design. Because of the restraining effect of the columns, it 
is difficult to evaluate the girder moments due to vertical loads. Be- 
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cause of the rigidity of the girder to column connections required to 
care for the wind bending moments, it is logical to consider the girders 
as continuous through the columns. In very tall buildings the columns 
are so much stiffer than the girders that it is not excessive to assume 
the moment at the face of the column as wL'^/\2, as for a beam with 
fully fixed ends. The maximum moment at the midspan may be 
greater than wL2/24, owing to the ends not being fully fixed and to the 
possibility of the absence of live load in adjacent panels. wL^/lB is 
a safe value to use. In each case the clear span between the faces of 
columns may be used in figuring the moments. 

If the floor slabs are assumed to be reinforced in two directions (see 
Art. 12), the simple beam bending moment in the girder will be 



in which 
and 



WL 

S.B.M. = 1.2 X — 

8 



Wab = 200w for the 20-ft panel 



Wbb = 282w) for the 24-ft panel (See Art. 13.) 

For calculating the bending moment in the girders, the live load will 
be taken as 50 lb per sq ft. 

Was = 200 X 170 = 34,000 lb 

Wbb = 282 X 170 = 47,940 " 

34.00 X 18.75 , , . 

S.B.M. Mab = 1.2 1 = 95.62 ft-kips 

o 

47 94 X 22 75 

S.B.M. Mbb = 1.2 — r '— = 163.60 ft-kips 

8 

The moment diagrams for vertical loads may be taken as two 
parabolas, as shown in Fig. 85. The middle ordinate of each parabola 
will be the simple beam bending moment. Owing to the reinforcing 
effect of the girder connection, the critical moment for the girder will 
occur at a small distance from the face of the column. This has been 
arbitrarily taken as 6 in. From the properties of the parabola, the 
reduction in negative moment at a distance a from the face of the 
column will be 

^,^4_a(L-a)^ fl2] 
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in which M' = reduction in negative moment, 

a = distance from the face of the column, 
M = simple beam bending moment. 

In Fig. 85, hnes (1), (2), and (3) give the dead and live load 
moments. Lines (4) and (5) give the moments due to wind, and line 




(1) Dead fiW„ = 1 X 95.62 = 47.8ft-kips 

(2) + Live Ms = 63.8 - 9.8 = 54.0ft-kip3 

(3) load IMc = I X 95.62 = 63.8ft-kips 

(4) Wind J^* = X 8.87 = 132.0 ft-kips 

(5) \Mo = 14.88 X 9.37 = 139.4 ft-kips 

(6) Total max., Mi, = 186.0 Req. S = 83.7 in.^ 



Ma=iX 163.6 = 81.8 ft-kips 
Mb = 109.1 - 14.1 = 95.0 ft-kips 
Af. = i X 163.6 = 109.1 ft-kips 
Mb = 12.4 X 10.87 = 134.8 ft-kips 
Mc = 12.4 X 11.37 = 141.0 ft-kips 
Mb = 229.8 Req. S = 103.4 in.* 



16"WF64# /= 833.8 in.* 



(7) Req. for strength, 16" WF 68# I = 746.4 in.^ 16" WF 64# / = 833.8 in.^ 

(8) From equation [2], Iab/Ibb = = 0.83 

(9) Elastic req., Iab = 0.83 X 833.8 = 692.0 in.* 
(10) Use 16" WF 58# / = 746.4 in.« 

Fig. 85 

(6) gives the maximum combined moment. Line (7) shows the size 
of the girder required to care for this maximum moment, using a design 
stress of 1% X 20,000 psi. 
To comply with the elastic requirements as given in equation [2], 



K 



Then 



BB 



Iab 

Ibb 



VbbLi, 
VabU 



K = 



2 = 0.83 



VbbLI 

The girder chosen for AB should be decreased in size slightly to comply 
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with the elastic requirements, but the sizes given are as near to the 
elastic requirements as standard commercial sections will give. These 
sizes are given in line ( 10) . 

60. Bent Deflection. As noted in Art. 52, the deflection of the bent 
under wind loads should not be excessive. The total drift of a frame 
is made up of: (a) fllexure of the girders, (b) flexure of the columns, 
(c) deformations of the connections and bracing, (d) chord drift due to 
lengthening and shortening of the columns. The first three are termed 
web drift and constitute the greater portion of the total drift. 

If equation [11] is not satisfied, the shift in contraflexure point in the 
girder may be determined by calculating the changes in the angle 6 
due to the irregularity in the column flexures. From Fig. 84, the total 
web drift of the panel is A, and this must be the same for all columns 
of the bent. The drift due to column flexure will be: 

For column A = <j)Ah 
For column B = (pah 

From area moments, for column A, 

^ = MA X - V -'^ = risi 
2 2EIa 4 6 24EIa 

= ^ [14] 



Similarly, for column B, 



If Ib were double I a, as would be required by equation [11], 6 a would 
equal 6b, and from area moments for the girder its value would be 



VabLI 



[16] 



l2EIa 

A = 4>Ah + dAh = <t>Bh + dah and Ba - Bb = 4>b - 4>A. [17] 

e^'-^ and + [18] 

eB = e-t^ [19] 

From slope deflection, equation [1], for girder AB, 

Mab = Vabx = 2EKa{2dA + 0b) [20] 
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From these equations for the sixth story, 6q = 



95.75 

E 



and 



e\ = 



10.25 

E 

98.03 
E 



14.81 



e% = 



E 

93.47 
E 



X = 121.0 in. y = 119.0 in. 
From these the web drift per panel is 

A= (e\ + 4>\)h = 0.537 in. 



A 

h 



0.537 
144 



= 0.0037 



If the design is consistent throughout the height of the building, the 
web drift per story will be nearly constant.* 

It is expected that the design of the girder connections will be such 
that their elastic contribution to web drift will be the same in all panels. 
It may be that this contribution will be of a negative value due to the 
local reinforcement of the girders by the connections at their ends.f 

In calculating the web drift, 
the elastic lines of the columns 
and girders have been assumed 
to be continuous to their inter- 
sections. This is probably suffi- 
cient to allow for the contribu- 
tion of the deformation of the 
connections. 

There yet remains the drift 
due to the lengthening and short- 
ening of the columns, called 
chord drift. The column areas 
are directly proportional to the 

height of the building above the section under consideration. The 
direct wind stresses in the columns are proportional to the square of 
the same height (for a wind load uniform per foot vertical). There- 
fore, the unit stresses in the columns due to direct wind stress 
increases directly with the distance down from the roof. 

* See Bulletin 93, Engineering Experiment Station, Ohio State University, 
t " Elastic Properties of Riveted Connections," by J. Charles Rathbun, Trans. 
Am. Soc. Civil Engrs., Vol. 101, 1936, p. 524. 
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In Fig. 86 let b = the width of the bent, 
n = the height of the bent, 

5 = the unit stress in the outer columns at the base due 

to direct wind stress, 
<p = the angle of the floor with the horizontal at any 

height X, 

A = lateral drift of the top of the bent. 

2s (n — x)dx 



d4> 



Ebn 



A = /J in - x)d4> = ^ £ in - xfdx = [21] 

Let us now calculate the chord drift of the bent above the sixth floor. 

n = 15 X 12 = 180 ft 

s = 2200 psi (See Art. 59) 

b = 64 ft 

2 X 2200 X (12 X 180)2 



2,E X 12 X 64 
A 0.306 



= 0.306 in. 



= 0.00014 



n 12 X 180 
The total drift will be 

Web drift = 0.0037/i 
Chord drift = 0.0001 /t 
Total = 0.0038/i 

According to Mr. Spurr this drift is too high. It may be reduced by 
stiffening the girders proportionately. If this is done, care must be 
used to keep the ratio of the moments of inertia of the girders the same 
as given in line (8) of Fig. 85. 

61. Cantilever Design. Spurr Method. Mr. H. V. Spurr, chief 
engineer of Purdy and Henderson Company, New York, was the first to 
publish a rational method of design of wind bracing for tall buildings.* 
This method was recommended and described in the Third Progress 
Report of the Committee on Wind Bracingf of the American Society of 
Civil Engineers. 

* Wind Bracing, the Importance oj Rigidity in High Towers, by H. V. Spurr, 
1930. 

t Proc. Am. Sac. Civil Engrs., December, 1933, pp. 1611 and 1621. 
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In the portal method of design, or in any inethod which does not 
regulate the lengthening and shortening of the columns due to direct 
wind stresses by properly proportioning the girders to maintain the 
floors as planes after bending, the irregular lengthening and shortening 
of the columns will produce secondary bending stresses in the girders 
which may become ex- 
cessive in very tall 
frames. Spurr's method 
recognizes this and, 
therefore, uses the can- 
tilever method of calcu- 
lation (see Art. 54) and 
employs the methods of 
girder proportioning de- 
scribed in Art. 58. 

If the unit stresses in 
the columns due to di- 
rect wind stress are pro- 
portional to the dis- 
tances from the neutral axis of the bent, as shown in Fig. 76, the plane 
of the floor girders remains plane after bending and the secondary 
bending stresses in the girders are eliminated. 

To illustrate the method, the same bent which was used in the portal 
design. Art. 59, and shown in Fig. 83, will be used. The required 
column sizes for dead and live loads for the sixth story are given in 
Art. 59. 

756,800 , . ,, 

Column A, req. area = = 46.2 sq m. 14" WF 158 lb 

„ , „ 1,063,300 

Column B, req. area = r;— = 64.8 sq in. 14" WF 219 lb 

16,400 

The relative stresses and column areas are shown in Fig. 87. 

From this relationship the direct 
stresses in the columns for any story 
may be figured from a single mo- 
ment equation, and from these the 
girder and column shears may be 
determined. These are shown for 
the fifth and sixth-story columns 
and the sixth-floor girders in Fig. 
88. The direct stress in the fifth- 



4.S 



-Ma 
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story column A is 

X 64 + 0.52Fi X 24 = 16 X 4.8 X 8 X 12 = 7372.8 ft-kips 

The denominator, 76.48 ft., is called the equivalent base. (See Art. 54.) 

F| = 0.52 X 96.4 = 50.1 kips(0 
Fi = 84.7 kips(0 F| = 44.0 kips(0 
Fifi = 96.4 - 84.7 = 11.7 kips 
V%B = 11.7 + 50.1 - 44.0 = 17.8 kips 
Hi 76.8 

From moments at A, 

{H\ + 1.067fl'i)6.0 = V\b X 10 = 117.0 ft-kips 
H\ = 9.4 kips 

From moments at B, 

{H% + 1.067H|)6.0 = V\b X 10 + V%b X 12 
H% = 26.6 kips 

The stresses in the sixth-story column A are 
Wind direct = 84.7 kips 
Wind bending = 9.4 X 6.0 = 56.4 ft-kips 

For the 14" WF 158 lb, the maximum fiber stress due to wind is 

84 7 

Direct = = 1825 nsi 

46.47 

Bending = 5^11^ = 2660 " 



Total = 4485 " 

This is less than one-third the allowed unit stress for dead and live load 
{ 16,370 psi) . The section will do. 

Sixth-Story Column B 

Direct stress = 44.0 kips 

Bending = 26.6 X 6.0 = 159.6 ft-kips 
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For the 14" WF 219 lb, the maximum fiber stress due to wind is 



Direct = 



44.0 
64.36 



= 685 psi 



^ 159.6 X 12 

"''^ = 352.6 = ^^^^ 



Total = 6110 " 

This is greater than one-third the allowed unit stress for dead and live 
load (16,400) and the section must be increased. 

Try 14" WF 228 Ih A = 67.06 in.^ / = 2942.4 in.^ S = 367.8 in.'' 

Direct, D.L. + L.L. + Wind = ^^^^f^t.'^'^'^ = 16,465 psi 

67.06 

„ ^. 159.6 X 12 

Bendmg = ^ = 5,210 " 



Total = 21,675 " 
1}4 X 16,400 = 21,867 psi; therefore, this section will do. 




(1) Dead \Ma = i X 95.62 = 47.8ft-kips 

(2) + Live Mft = 63.8 - 9.8 = 54.0ft-kips 

(3) load [Mo = f X 95.62 = 63.8 ft-kips 

(4) , I Mi = 11.7 X 8.87 = 103.8 ft-kips 

(5) \Mc = 11.7 X 9.37 = 109.6 ft-kips 

(6) Total Mb = 157.8 Req. S = 71.0 in.^ 

(7) Reqd. for strength 16" WF 45# 

/ = 583.3 in." 



Ma = ^X 163.6 = 81.8 ft-kips 
Mi = 109.1 - 14.1 = 95.0 ft-kips 
Mc = iX 163.6 = 109.1 ft-kips 
Mi = 17.8 X 10.87 = 193.5 ft-kips 
M, = 17.8 X 11.37 = 198.9 ft-kips 
Mi = 288.5 Req. S = 129.8 in.^ 
18"WF77# 7 = 1286.8 in." 



(8) From equation [2] 



Iab 11.7 X 400 



Ibb 17.8 X 576 
(9) Elastic req. Iab = 583.3 in." 
(10) Use 16" WF 45# I = 583.3 in." 



= 0.455 



Ibb = 



583.3 



1282 in." 



0.455 

I = 583.3 in." 18" WF 77# I = 1286.8 in." 

Rg. 89 

Girder Design. The design of the girders is worked out in Fig. 89, 
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which is similar to Fig. 85. The elastic requirements of this method 
are satisfied with the girder sizes required for strength. 
Bent Deflection. From the equations of Art. 60, 

11.7(20 X 12)2 



0i 



— 



12^; X 583.3 
9.4(12 X 12)2 ^ 
12E X 1900.6 ~ 
26.6(12 X 12)2 

12£; X 2942 



_ 90 
E" 
8.55 

_ 15J 



96.2 


3.5 

+ Y 


99.7 


E 


E 


96.2 


3.5 


92.7 


E 


~ E 


E 



X = 



= 121 in. 



2E X 583.3(199.4 + 92.7) 
240 X 11.7£ 
y = L — X = 119 in. 
Web drift per panel = A = {d\ + 4>^)h = 0.537 
A _ 0.537 
h " 



From [16] 
From [14] 
From [15] 
From [18] 
From [19] 
From [20] 



m. 



144 



0.0037 



From equation [21] the chord drift will be 

2 X 1825 X (12 X 180)2 



A = 

A 

n 



3B X 12 X 64 
0.255 



= 0.255 in. 



12 X 180 
The total drift will be 



= 0.0001 



Web drift = 0.0037/i 
Chord drift = 0.000 Ife 
Total = 0.0038/1 

62. Calculations for a Tower Building.* Figure 90 shows a typical 
floor plan for a tower building of some 40 odd stories and 500 ft high. 
Calculations for the allocation of wind load to the bents and examples 
of design calculations by the Spurr method will be given. 

* This discussion is based upon the Third Progress Report of the Committee 
on Wind Bracing, Proc. Am. Soc. Civil Engrs., December, 1933, p. 1621. 
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The dead load of the floors will be taken as 130 lb per sq ft and the 
average live load as 30 lb per sq ft. The exterior walls will be assumed 




Fig. 90 



to weigh 80 lb per sq ft of gross wall area. From these the estimate 
of the column loads, 30 stories down from the top, due to gravity loads 
is made. (See table, p. 110.) 

The east-west wind will be resisted by the eight bents A, B, C, and D, 
and these are assumed to have shallow girder connections only. In the 
north-south direction there are K-frames back of the elevator banks 
and knee braces between columns 17, 19, 26, 28 and 14, 22, 23, 31, as 
indicated on Fig. 90. 

As stated in Art. 49, the various bents in a given direction will take 
lateral loads in proportion to their rigidities. Since the relative sec- 
tional areas of the columns are known, approximately, it is convenient 
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Column Gravity Loads 



Column 
No. 

2-5 
7-12 



1-6 
13-18 



3-4 



14-17 



19-22 



8-11 



9-10 



15-16 



20-21 



Floor 22 X 11 X 160 

Wall 22 X 12 X 80 

Col. wt. 30 

Floor 11 X 11 X 160 

Wall (22 + 2) X 12 X 80 

Col. wt. 30 

Floor 11 X 25 X 160 

Wall 25 X 12 X 80 

Col. wt. 30 

Floor (2 X 121 + 9 X 11)160 
Wall (20 - 2) X 12 X 80 
Col. wt. 30 

Floor 11 X 18 X 160 

Wall 18 X 12 X 80 

Col. wt. 30 

Floor 22 X 22 X 160 

Col. wt. + FP* = 30 

Floor 22 X 25 X 160 

Col. wt + FP = 30 

Floor 20 X 25 X 160 

Col. wt. + FP = 30 

Floor 18 X 25 X 160 

Col. wt. + FP = 30 



= 38,720 X 30 
= 21,120 X 29)^ 
X 12 X 180 

= 19,360 X 30 
= 23,040 
X 12 X 130 

= 44,000 X 30 
= 24,000 X 29J^ 
X 12 X 210 

= 54,560 X 30 
= 17,280 X 29^ 
X 12 X 210 

= 31,680 X 30 
= 17,280 X 2Q}4 
X 12 X 150 

= 77,440 X 30 
X 12(240 + 250) 

= 88,000 X 30 
X 12(270 + 250) 

= 80,000 X 30 
X 12(240 + 250) 

= 72,000 X 30 
X 12(230 + 240) 



Ratio 

1161,6'' 

623.0 
64.8 
1849.4'' 

580.8'' 

679.7 
46.8 
1307.3'' 
1320.0'' 

708.0 
75.6 
2103.6'' 
1636.8'' 

509.8 
75.6 
2222.2'' 

950.4'' 

509.8 
54 0 
1514.2'' 
2323.2'' 

176.4 
2499.6'' 
2640.0'' 

187 2 
2827 . 2'' 
2400.0'' 

176.4 
2576.4'' 
2160.0'' 

169.2 
2329.2'' 1.26 



1.0 



0.71 



1.14 



1.20 



0.82 



1.35 



1.53 



1.39 



' Fireproofing. 



to base the calculation of relative rigidities on chord action alone, since 
the relative web deflections can be controlled. 

Figure 91 gives the relative stiffnesses of the four bents. These are 
calculated in line (5) by a moment equation, using a unity unit stress 
in the columns 58 ft from the neutral axis. From these the proportions 
of the total wind shear carried by each bent may be determined. They 
are summarized in the table. 
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(6) 

1.0 

0.71 
0.71 



(5) 

TT = 0.621 

1.0 
0.621 



36 
58 



(4) 

14 

58 = 

1.14 
0.275 



2[(0.71 X 68) + (0.621 X 36) + (0.275 X 14)] = 134.77 

(7) (8) (9) 

1.0 0.621 0.241 

1.0 1.35 1.53 

1.0 0.838 0.369 
2[(1.0 X 58) + (0.838 X 36) + (0.369 X 14)] = 186.68 

(18) (17) (16) 

1.0 0.621 0.241 

0.71 1.20 1.39 

0.71 0.745 0.335 

2[(0.71 X 58) + (0.745 X 36) + (0.335 X 14)] = 145.38 

(19) (20) 

0.621 0.241 

0.82 1.26 

0.509 0.304 
2[ (0.509 X 36) + (0.304 X 14)] = 45.16 

Fig. 9 7 



Bent A 
Unit stress ratios 

Relative column areas 
Total stress ratios 
stiffness coefficient 

Bent B 
Unit stress ratios 
Relative column areas 
Total stress ratios ' 
stiffness coefficient 

Bent C 
Unit stress ratios 
Relative column areas 
Total stress ratios 
stiffness coefficient 

Bent D 
Unit stress ratios 
Relative column areas 
Total stress ratios 
stiffness coefficient 



Bent 


Stiffness Coefficient 


Percentage 


Wind Shear 


A 


134.77 


lf.I 


147.7 kips 


B 


186.68 


18.1 


202.5 " 


C 


145.38 


14.3 


159.9 " 


D 


45.16 


4.4 


49.2 " 




511 .99 


50.0 


559.3 " 



Figure 92 shows the assumed wind load on the building according to 
the recommendations of the Committee on Wind Bracing. (See Art. 
6.) From this the total wind shear in the story under consideration 
(30 stories down from the top) is 145 (206 X 22.5 + 154 X 20) = 
1118.6 kips. This is proportioned among the bents in the table above. 
The total wind shear in the next story below is 1153.4 kips. 

The wind overturning moment for the story in question, for bent B, is 



0.181 X 145 360X20X180- 



206 X 5 



(154 + X 206) J = 37,951 ft-kips 



112 



WIND BRACING 



ZO*per sij.ft 



i03.3' 
11.9" 



Figure 93 shows the moments, shears, 
and direct stresses for the story under 
consideration. From these the calcula- 
tions for the columns are made as given 
in the table below. 

These unit stresses due to wind are all 
less than one-third the allowed unit 
stresses for dead and live loads (16,450) 
and, therefore, the sections will not need 
to be increased. 

The girder designs are worked out in a 
similar manner under Fig. 94. As in 
Art. 59, the floor slab is assumed to be 
reinforced in two directions, and the 
bending moments due to floor loads are 
calculated for the clear spans of the 
girders by the formulas of Art. 13. 

The required sizes for strength are as 
near the relative required sizes for equal 
drift as commercial sizes will give. 



12.3" 
216.5" 



1704" 
S3.8" 



34.9" 
181.5" 

Bent B 
Fi g. 93 

Column Design 



75.0" 

ss.a" 



S72" 

'79.9" 



Column 7 
Stress 1849.4^ 

Dead , 1849.4 

, Area =112.4 sq in. 

-I- 16,450 

Live ^ Size 14"WF 384# = 112.93 sq in. 
load 



1-5227.5 in.* 

37,951 „ 

Direct =203.3* 

186.68 

Shear 11.9" 

Bending 11.9X6=71.4''' 

D 203.3 

-= =1800 

A 112.93 
Mc 71.4X12 



Wind 
load 



- = 1360 
I 632.2 

Total =3160 psi 



Column 8 



2499.6'' 
2499.6 



= 151.9 aq in. 
16,450 

14"WF320#= 94.12 
2-18" XIH" = 58.50 
Area 



= 152.62 sq in. 
I =9093 in.* 



0.838X203.3=170.4'' 
33.8'' 

33.8X6=202.8'" 
170.4 

= 1120 

152.62 

202.8X12 



907 
Total 



■ = 2680 
■3800 psi 



Column 9 

2827.2'' 
2827.2 

=171.9 sq in. 

16,450 

14"WF320iji= 94.12 
2-18"X2M6"= 78.75 
Area 



= 172.87 sq in. 
/ = 11249 in.* 



0.369X203.3=75.0" 
55.5" 

55.5X6=333.0'" 
75.0 

■■ 430 

= 3760 
= 4190 psi 



172.87 
333.0X12 
1062 
Total 
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tsr 



-ZOAf- 



Simple Beam Moment 
Equals 133.3 



-22.0'- 
-20.28- 



Mb. 



Simple Beam Moment 
Equals 133.3 

Bent B 



Dead 

+ 
Live 



Wind 
Total 



Ma 

Mo 

Mc 
Mt 
Mi 



I X 133.3 
66.7'" 

88.8 - 12.9 
75.9' 

f X 133.3 
88.8"' 

13.2 X 10.2 
134.6'" 
13.2 X 9.7 
128.0'" 
■■ 203.9"' 
Req. S = 91.6 in. 



Ma 

M, 
Mc 

M, 
Mt 

Mb 



^ X 133.3 
66.7"' 

88.8 - 12.9 
= 75.9'" 
= f X 133.3 
= 88.8'" 

= 24.3 X 10.14 
= 246.4'" 
= 24.3 X 9.64 
= 234.2'" 

= 310.1'" 
S = 139.6 in.3 



Req. li6"WF58# 
Strength] ^ 746.4 in. 



FL2 = 13.2 (22)2 = 5389 

Relative 

req. 
Equation | 

Min. req. / 746.4 in.'* 



itive 1 

5. I \ 1.0 

lation [2] J 



18" WF 77# 

I = 1286.8 in.^ 

24.3 (22)2 ii 'YQi 
1.84 



-i4.0^ 



-13.12— 



Simple Beam Moment 
Equals 267. 0 



Ma 

M, 

Mo 
Ms 
Ms 



\ X 267.0 
133.6'" 
178.0 - 20.0 
= 158.0'" 
= f X. 267.0 
= 178.0'" 

29.2 X 13.12 
383.1'" 
29.2 X 12.62 
368.5'" 
526.5'" 



& = 237.0 in.» 

21"WF112# 

/ = 2620.6 in.* 

29.2 (28)2 = 22,893 
3.58 



1.84 X 746.4 = 1373 in.* 3.58 X 746.4 = 2672in.* 
F/g. 94 



The deflections of the bent will now be calculated by the formulas 
of Art. 60. 



For girder 7-8 Average Q 
For girder 8-9 Average Q 
For girder 9-9 Average Q 
For the girders the average Q 



13.2(22 X 12)2 


102.7 


VIE X 746.4 


E 


24.3(22 X 12)2 


109.7 


12£' X 1286.8 


E 


29.2(28 X 12)2 


104.8 


VIE X 2620.6 


E 


105.7 




E 
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11.9(12 X 12) 


4.0 


12E X 5227 


E 


33.8(12 X 12)'' 


6.4 


12£ X 9093 


E 


55.5(12 X 12)2 


8.5 


12^; X 11,249 


E 



For column 7, = 
For column 8, 0 = 
For column 9, 4> = 

The average value of </> = The panel drift due to girder and 

E 

A 112 
column flexure is - = (9 + <t>) = — = 0.00386. 
h E 

Chord Drift. Assuming that the fiber stress due to wind increases 
directly as the distance down from the top, the unit stress at the bottom 
of the outside column will be 

1800 X 500 . 
s= ^ 2540psi 

n = 500 ft 
b = 116 ft 

2 X 2540 X (500)^ Mi9«f. f f roil 

A = — — — ^ 0.12b it, irom equation [21J 

oxi X llu 

A 0.126 

- = = 0.0003 

h 500 

The total drift is 0.0039/i + 0.0003/i = 0.0042/i, which is greater than 
should be allowed in a building of this height. We will endeavor to 
reduce the drift to 0.003/i, as recommended by Spurr. (See Art. 57.) 
The major portion of the drift is due to girder flexure, so we will increase 

A 

the sizes of the girders. If the total - = 0.003, then 8 + <l) = 0.0030 

h 

6 3 

— 0.0003 = 0.0027. The average value of 4> for the columns is -zp • 

E 

13 2(22 X 12)2 g 2 

' \'^^ + = 0.0027. Solving this for / we get, I = 1060 in.* 

12EI h 

This is for the girder 7-8. The required /'s for the other girders are: 
for girder, 8-9, / = 1.84 X 1060 = 1950; and, for girder 9-9, / = 
3.58 X 1060 = 3790. The nearest commercial sizes will be: for girder 
7-8, 18" WF64# / = 1045.8; for girder 8-9, 2l" WF 89/ I = 1919.2; 
and, for girder 9-9, 27" WF 106# I = 3761.2. 
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4.9". 



4.8'. 



63. Design of Lower Stories.* The design procedures previously 
discussed assume that practical girder sections can always be found 
which will cause all column contraflexure points to fall at or near the 
midstory and thus produce substantially equal joint rotations at the 
top and bottom of the columns in each story. However, in the lower 
story of a building, the angular rotation of the column footing should 
be practically zero. If this is so, the contraflexure points in the col- 
umns of the lower story must fall above the midstory, the exact height 
depending upon the relative stiffness of the columns and girders. A 
practical solution in designing is to set the contraflexure points in the 
basement columns far enough 
above the midstory so that rea- 
sonable girder sizes can be found 
which will meet the elastic re- 
quirements. For economy, sev- 
eral stories directly above should 
be similarly designed in order to 
grade gradually into regularity. 
Such a group of stories (4 to 6) 
may be called transition stories. 
In the lower portion of the bent, 
the web drift is necessarily a 
curve instead of a straight line, 
such as 0.0025/1 per story, or 
some other figure which may be 
established for the upper, regular 
stories. Values of 6 for the floor f/' a- 95 

girders of the transition stories 

may be selected somewhat arbitrarily, starting with say 0 = 0.0025 at 
the fifth floor and decreasing until 6 = 0 at the base. 

Figure 95 shows the lower six stories of the bent designed in Art. 61 
by the Spurr method. The basement story is made 18 ft. The other 
stories are each 12 ft. The columns are made in two-story lengths 
with splices at the even-numbered floors. The requirements for dead 
and live load are shown in the tables on p. 116. 

The direct stresses and shears for wind are shown in the tables on 
p. 117. These are calculated for contraflexure points at the midstory 
except for the basement story, where the height was taken as 12 ft above 



T 

-i 

Si 

i 
i 



-24- 



* This discussion is based on " Tests and Design of Steel Wind Bents for Tall 
Buildings," by Large, Carpenter, and Morris, Bulletin 93, Engineering Experiment 
Station, Ohio State University. 
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Schedule fob Column A 



Story 


D. L. + L. L. 

Kips 


Column Section 


L/r 


Allowed 
psl 


Req. A 


6 & 7 


756.8 


14"WF 158# A = 46.47 
I = 1900.6 
K = 13.2 


144 
4,0 


16,370 


46,2 


4 & 6 


861.0 


14"WF184# A = 54.07 
/ = 2274.8 
K = 15.8 


144 
11)4 


16,380 


52.6 


2 & 3 


965.2 


14"WF202# A = 59.39 
/ = 2538.8 
K = 17.6 


144 

4,06 


16,380 


59,0 


1st 


1017.3 


14"WF 237# A = 69.69 
I = 3080.9 








Base- 
ment 


1069.4 


14"WF237# A = 69.69 
/ = 3080,9 
K = 14,3 


216 
4,1 


15,660 


68.2 


Schedule for Column B 


Story 
6 & 7 


D. L. -1- L. L. 
Kips 


Column Section 


L/r 


Allowed 
psi 


Req. A 
in.'' 


1063,3 


14"WF228# A = 67,06 
/ = 2942,4 
X = 20,4 


144 
4,1 


16,400 


64,7 


4 & 5 


1211.3 


14"WF255# A = 74,98 
/ = 3372,6 
K = 23,4 


144 
4,13 


16,420 


73,8 


2 & 3 


1359.3 


14"WF 287# A = 84,37 
/ = 3912,1 
K = 27,2 


144 
4,17 


16,420 


82,7 


1st 


1433.3 


14"WF 328# A = 96,43 
/ = 4656,1 
K = 32,4 








Base- 
ment 


1507.3 


14"WF 328# A = 96 ,43 
I = 4656.1 
K= 21,6 


216 
4,22 


15,720 


96.8 



DESIGN OF LOWER STORIES 



117 



the base. These stresses may be corrected later when the true locations 
of the contraflexure points have been determined. 



Wind Stresses * 



Story 


Column A 


Girder AB 


Column B 


Girder BB 


6th 


D = 84.7 
H = 9.4 
M = 56.4 




D = 44.0 
if = 26.6 
M = 159.6 




V = 11 .7 
M = 117.0 


V = 17.8 
M = 213.6 


5th 


D = 96.4 
H = 10.1 
M = 60.6 


D = 50.1 
H = 28.3 
= 169.8 


F = 12.4 
M = 124.0 


F = 18.8 
M = 225.6 


4th 


D = 108.8 
H = 10.7 
M = 64.2 


D = 56.5 
= 30.1 
M = 180.6 


V = 13.2 
M = 132.0 


F = 20.2 
Af = 242.4 


3rd 


D = 122.0 
H= 11.4 
M = 68.4 


D = 63.5 
H= 31.8 
M = 190.8 


V = 13.9 
M = 139.0 


V = 21.1 
M = 253.2 




D = 135.9 
TT _ 1 o n 

M = 72.0 


D = 70.7 

t7 _ Qq A 
/J — oo , u 

M = 201.6 


V = 14.7 
M = 147.0 


F = 22.3 
AT = 267.6 


1st 


D = 150.6 
H = 12.6 
M = 75.6 


Z) = 78.3 
H= 35.4 
M = 212.4 


F = 15.3 
M = 153.0 


F = 23.3 
Af = 279.6 


Basement 


D = 165.9 
H = 13.0 
M = 78 0 
(at top) 


D = 86.3 
H = 36.5 
M = 219,0 







* (Stresses in kips and moments in ft kips) 



If the ^'s are decreased from 0.0025 at the fifth floor, downward as the 
ordinates to a parabola, they will have the following values: 

05 = 0.0025 62 = 0.0016 

04 = 0.0024 01 = 0.0009 
03 = 0.0021 00 - 0.0000 

From the slope deflection equation, assuming the girder contraflexure , 
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points to be at their midlength, 



Mab = 2EKam = Vab X 



La 



Ka = 



12Ed 



[22] 



I 



From this equation the required values of K for the girders of panel 
AB may be calculated. The girders of panel BB must be proportional 
to those of panel AB, as required by equation [2]. The required 
moments of inertia for the girders and the nearest commercial sizes are 
given in the following table. The required moment of inertia of girder 
BB is obtained by dividing the moment of inertia of girder AB by 
0.455. (See Art. 61, Fig. 89.) 

Girder Sizes in the Transition Stories 



Floor 


Req.X 


Req. / 


Girder AB 


Req. I 


Girder BB 


6 


2.92 


700 in.* 


18' 


'WF 47# / = 736.4 in,'' 


1620 in.* 


2l"WF 73if / = 1600.3 in.* 


5 


3.10 


744 


18' 


'WF 47 1 I = 736.4 


1620 


2l"WF 73# I = 1600.3 


4 


3.44 


825 


18' 


'WF 50# / = 800.6 


1760 


2l"WF 82ji / = 1752.4 


3 


4.14 


992 


18' 


'WF 64# / = 1045.8 


2300 


2l"WF 103* I = 2268.0 


2 


6.75 


1380 


21' 


'WF 63if I = 1343.6 


2960 


24" WF lOOif / = 2987.3 


1 


10.62 


2545 


21' 


'WF 112iC / = 2620.6 


5760 


27"WF 154# / = 5775.8 




Fip. 96 

Figure 96 shows the shift in the contraflexure point in the column 
due to the difference in the values of 0 at the top and bottom. 
From slope deflection, 

M'X = 2EKa (20r + - 3i?) = HaU Moment at the top 
M'i = 2EKa {26, + Br - 3«) = Hatti Moment at the bottom 
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Subtracting, 

HA(m - n) = 2EKa{Bs - dr) 

Let e = distance from the midstory point to the contraflexure point. 
Then 

e = = 123] 

From this equation the points of contraflexure can be located and 
corrections made in the calculations of the direct stresses, shears, and 
moments in the columns and girders. 

The eccentricities of the contraflexure points in the columns of the 
transition stories are : 

es = 0 62 = 21.3 in. = 1.77 ft 

64 = 4.3 in. = 0.36 ft 6i = 34.5 in. = 2.87 ft 
63 = 13.4 in. = 1.12 ft eo = 28.7 in. = 2.39 ft 

Using these eccentricities, the column direct stresses will be affected 
slightly, as will also the girder shears. The column shears are not 
changed. The column moments will, of course, be larger at the bottom 
of each story than at the top. 
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64. General Discussion. Few buildings are symmetrical about two 
axes in both exterior exposure and the arrangement of bracing. Even 
on a symmetrical building the distribution of wind force may not be 
symmetrical with the building due to surrounding structures; and the 
pressure will not be uniform or symmetrical on any face when the wind 
is not normal to one face of the structure.* However, the distribution 
of the wind pressure is too uncertain to justify calculation of stresses 
in symmetrical structures for oblique wind loads. In any case the 
greatest stresses will usually occur with the wind normal to one face. 

The following treatment of unsymmetrical structures is based on a 
study made by Professor George E. Largef and presented to the 
Committee on Wind Bracing of the American Society of Civil Engi- 
neers. Professor Large calls attention to the following previous 
articles on the subject: (1) " Wind Bracing," by Albert Smith, Journal 
of the Western Society of Engineers, February, 1933, page 1 ; (2) 
Continuity in Concrete Building Frames, published by the Portland 
Cement Association in 1937. 

65. Unsymmetrical Floor Plan. Figure 97 shows two cases of un- 
symmetrical floor plan with assumed uniform wind loads. Figure 
97(a) is unsymmetrical in only one direction. With wind blowing 
from the north or south, the resisting bents of the building are sym- 
metrical. Figure 97(6) is unsymmetrical with respect to both axes. 

For symmetrical towers the center of rotation for unsymmetrical 
loads is about the geometric axis of the tower. This will be taken up 
in Art. 80, on transmission towers. For buildings of unsymmetrical 
floor plan the center of rotation is at the centroid of the stiffnesses, or 
resisting values, of all wind bents in both directions. In Fig. 97 (fc), 
the torsional moment Hy,e is resisted by the four east-west bents plus 
the three north-south bents. The stiffness of a wind bent may be 
defined as the load required to deflect it, laterally, a unit distance. 

* " Wind Forces on a Tall Building," by J. Charles Rathbun, Trans. Am. Soc. 
Civil Engrs., Vol. 105, 1940, p. 1. 

t Proc. Am. Soc. Civil Engrs., June, 1939, p. 988. 

See also Theory of Modern Steel Structures, by L, E. Grinter, 1936, p. 871. 
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In analyzing an unsymmetrical building, the wind pressure, H, is 
resolved into a normal force equal to H, acting at the centroid of the 
stiffnesses, and a couple He. In Fig. 97(6) the four east-west bents 
will share the normal force in the ratio of their respective stiff- 




(a) 




N 

i 



nesses, all bents deflecting eastward an equal amount under this com- 
ponent acting at the centroid of the plan. The torsional moment, H„e, 
will be resisted by all of the seven bents (4 east-west and 3 north- 
south). The resisting moments of these seven bents will be propor- 
tional to their respective distances from the centroicf, and also in 
proportion to their relative stiffnesses. 
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66. Bent Stiffness. There are four factors affecting the deflection of 
a bent and, consequently, its stiffness. They are 

1. Girder flexure. 

2. Column flexure. 

3. Direct deformation of the columns (chord deflection). 

4. Connection deformation. 

Connection deformation is usually diflScult to estimate and will not 
be used in this analysis. Of these four, girder flexure is the largest. 
The relative stiffness of the bents may be determined by using any one 
of these factors, or any combination of two, or all of them. The stiff- 
ness ratios so determined usually will not vary greatly. Presumably, 
the ratios obtained by using all the factors are the most accurate. Mr. 
Albert Smith used the first two. A combination of (1) and (3) gives 
noticeably better results than Mr. Smith's method, (1) and (2), and 
a quick approximation, which is frequently sufficiently accurate, may 
be obtained by considering girder flexure (1) alone. In the Spurr 
method (Art. 62) the relative stiffnesses of the bents were calculated 
from chord deflections (3) alone. (See Fig. 91.) The relative stiff- 
nesses are also affected to some extent by the method of design used 
(cantilever or portal) . 

Girder Flexure. Referring to Fig. 84, the deflection due to girder 
flexure is 

Aq = dh = (see equation [15], Art. 60) [1] 

in which Ag = deflection per story due to girder flexure, 
h = story height, 
V = girder shear, 
L = girder length, 
lo = moment of inertia of girder. 

In order to determine the deflection of the bent per story, the value of 
Aq should be determined for each panel and the average used. 

Column Flexure. Again referring to Fig. 84, the deflection due to 
column flexure is 

H 

Ac = <f>h = ° (see equation [14], Art. 60) [2] 
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in which Ac = deflection per story due to column flexure, 
h = story height, 
He = column shear, 
Ic = moment of inertia of column. 

Again, the average value of for all the columns of the bent should 
be used. 

Chord Deflection. From equation [21], Art. 60, 

in which Ad = total deflection of top of bent due to chord action, 

s = unit stress in outer columns at the base due to direct 

wind stress, 
n = total height of bent, 
b = total width of bent. 

As shown in Fig. 86, the chord deflection is not uniform per story but 
for purposes of comparison with the other deflections the average de- 
flection may be used. Multiplying by h/n the average per story then 
becomes 

67. Unsymmetrical Tower. Figure 98 shows the floor plan of an 
unsymmetrical tower, twenty-five stories down from the top, with 
the column and girder sizes indicated. The stories are 12 ft, floor to 
floor, and the wind load is 20 lb per sq ft of exposed surface. First 
we will consider that the wind is blowing from the west, and that the 
portal method of design is employed (Art. 53) . 

Bent AEI. This bent has two panels which are symmetrical about 
column E. The total wind shear will be designated by H. Then 

Ha = Hi = ^ and i?£ = f 
4 2 

By moments as in Fig. 74, 
2L 

Hh^L H X (144)2 X 264 ^ . ^ , 

^« = ^ = 24^ X 2467.8 ^ ^'"^^ E ^''^ ^^^'^^^ 
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For columns A and /, 

Hh^ H X (144)3 



H 



4SEIc 
For column E, 



48^X 2671.4 = 2^-2^^ From equation [2] 



_ _ g X (144)3 g 



Average = 25.52 



H 



E 

46 ft. out to ouf 



eg 

-1 ^ 



- M.S4' ij 



K i^Cenfroid 



Z4-WF87' 



2rWF68* 



ZTWF98* 



H 



J. 



N 

i 



i 



Fig. 98 

The total direct stress due to wind, in the outer columns twenty-five 
stories down from the top, will be, by moments at the midstory, 



B = 



H X 12.5A H X 150 



h 

3.4177 
62.07 



44 



= 3.4m 



= 0.0549i/ 
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From equation [3], 

2 X 0.0549/f X 300 X 144 ff 

A. = = oo.yS — 

XU E 

The total deflection for 

H H 

Bent AEI = (92.43 + 25.52 + 35.93) - = 153.88 - 
In a similar manner the deflection of 

H H 

Bent BFJ = (154.30 + 19.03 + 25.30) - = 198.63 - 

Ji rj 

H H 

Bent CG = (308.59 + 29.98 + 101.19) - = 439.76 - 

E h 

TT TT 

Bent DH = (132.36 + 46.57 + 143.74) - = 322.67 - 

A lii 

H H 

North-south bent ABCD = (74.76 + 46.98 + 15.98) - = 137.72 - 

H H 

North-south bent EFGH = (121.96 + 38.98 -|- 13.20) - = 174.14- 

E E 

North-south bent IJ = (204.60 + 120.96 + 143.74) ^ = 469.30 f 

Going back to the definition of stiffness given in Art. 65, that it is the 
load required to deflect the bent a unit distance, the deflections just 
calculated may each be set equal to unity and the value of H calculated. 
These values of H may be used as stiffness coefficients, which we will 
designate by K. 

E 

For bent AEI Ka i = = ISS-S"^ 

F 

For bent BFJ Kbj = 77^^ = 146.0^ 



198.63 
E 



For bent CG = 43976 = ^^"^ 

E 

For bent DH Kdh = = SO.S'^ 



ZKew = 490.5'' 
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E 

For bent ABCD Kad = = 210.6'' 

E 

For bent EFGH Keh = t^^tti = 166.5'' 

For bent 7 J Kij=-r^= 61.8'' 

469.30 

Eifjvs = 438.9'' 

The centroid of stiffnesses can now be located. 



By moments about bent AEI, 

KsjX22 + Ka,XM + K,„Xm ^ 12038^ ^ ^^^^ 
T.Kew 490.5 

By moments about bent ABCD, 

Ke,X22 + K,,XU ^ 6_382^ ^ ^^^^ ^^^^ ^^^^ 
ZK^s 438.9 

The above dimensions are shown on Fig. 98. The total wind shear is 
25 X 12 X 68 X 20 = 408.0 kips. This component, assumed acting at 
the centroid of stiffnesses, will be divided among the four east-west bents 
as shown in the following table. 



Division of Direct Component 



Bent 


Stiffness 


Percentage 


Direct Load 


AEI 


188.8 


38.5 


157 . 1 kips 


BFJ 


146.0 


29.8 


121.6 " 


CO 


65.9 


13.4 


54.7 " 


DH 


89.8 


18.3 


74.6 " 


E 


490.5 


100.0 


408.0 " 



The torsional moment for an east-west wind is //„ e = 408 X 8.48 = 
3459.8 ft-kips. This is resisted by the seven bents (4 east-west and 3 
north-south) in proportion to their stiffnesses and to their distances 
from the centroid. 
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Distribution of Torsional Moment 



Bent 


Stiffness 


Distance 


Distance X Stiffness 


Force 
Katio to A HI 


Moment in 
iermsot AiLl 


AEI 


188.8 


24.52 


4629.4 


1.000 


24.52 


BFJ 


146.0 


2.52 


367.9 


0.080 


0.20 


CO 


65,9 


19.48 


1283.7 


0.277 


5.40 


DH 


89.8 


41.48 


3724.9 


0.805 


33.39 


A BCD 


210.6 


14.54 


3062 . 1 


0.661 


9.61 


EFGH 


166.5 


7.46 


1242.1 


0.268 


2.00 


IJ 


61.8 


29.46 


1820.6 


0.393 


11.58 












86.70 



86.70 X AEI = 3459.8 

AEI = 1.00 X 39.9 = 39.9 kips west 
BFJ = 0.080 X 39.9 = 3.2 kips west 
CG = 0.277 X 39.9 = 11.0 kips east 
DH = 0.805 X 39.9 = 32.1 kips east 
ABCD = 0.661 X 39.9 = 26.4 kips south 
EFGH = 0.268 X 39.9 = 10.7 kips north 
IJ = 0.393 X 39.9 = 15.7 kips north 

As a check on the values given, the east-west forces and the north- 
south forces each add up to zero. 

The total horizontal forces on each bent, in kips, are given in the 
table below: 



Bent 


Direct 


Torsion 


Total 


AEI 


157.1 E 


39 .9 W 


117. 2E 


BFJ 


121. 6 E 


3.2 W 


118. 4E 


CO 


54.7 E 


11. OE 


65.7 E 


DH 


74. 6E 


32.1 E 


106.7 E 


ABCD 


0 


26. 4S 


26.4 S 


EFOH 


0 


10. 7N 


10.7 N 


IJ 


0 


15.7 N 


15.7 N 



From these loads the shears, moments, and direct stresses in the mem- 
bers of the bents may be calculated, and if necessary the members 
reproportioned. 
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68. Floor Distortion. Using the member sizes shown on Fig. S 
the unit stresses from column direct stress due to the wind from the 
west are calculated in the following table. 



Column 


E-W Comp. 
D (kips) 


N-S Comp. 
D (kips) 


Total 
Direct 
(kips) 


Area 
sq in. 


Unit Stress 
kips per 
sq in. 


A 


395.2(0 


60.0(0 


455 . 2(0 


62.07 


7.35(0 


B 


409.2(0 


0 


409.2(0 


88,20 


4.64(0 


C 


447.9(0 


0 


447.9(0 


88.20 


5.08(0 


D 


725.4(0 


60.0(e) 


665.4(0 


62.07 


10.73(0 


E 


0 


24.3(c) 


24.3(c) 


88.20 


0.27(c) 


F 


0 


0 


0 


125.25 


0 


a 


447.9(c) 


0 


447.9(c) 


88.20 


5.08(c) 


H 


725.4(c) 


24.3(0 


701.1(c) 


62.07 


11.30(c) 


I 


395.2(c) 


107.0(c) 


502.2(c) 


62.07 


8.09(c) 


J 


409.2(c) 


107.0(0 


302.2(c) 


62.07 


4.87(c) 



The direct column unit stresses given in the table above are shown 
plotted on the isometric floor plan in Fig. 99. The departure of 
the floor from a plane surface is clearly indicated. The warpage is 




especially pronounced in the longer wing. Corrections for the second- 
ary stresses in the girders due to warping may be made by trial. 

In designing buildings of symmetrical floor plan, it is feasible to 
proportion the girder system for stiffness as well as for strength, as in 
the Spurr method (Art. 61) so that, when the columns lengthen and 
shorten under wind, the floors will remain plane. If, on the other 
hand, the structure has not been proportioned for planar performance, 
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it will be found that a warpage of the floors occurs and accumulates 
from the base of the structure upward, causing secondary stresses 
in the girders which have a maximum value approximately half way 
up the structure.* 

It is possible to design an unsymmetrical building, predicated upon 
the floors remaining plane, but the process becomes quite complicated; 
and, if the dissymmetry is pronounced, such a design may be far from 
economical. If the structure is unsymmetrical about both axes it is 
doubtful if floor planarity could be maintained for both east-west 
and north-south winds. 

* " Settlement Stresses in Continuous Structures," by George E. Large, Bulletin 
103, Engineering Experiment Station, Ohio State University. 
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RADIO AND TRANSMISSION TOWERS 

69. General Discussion. Radio towers, transmission towers, oil 
well derricks, and similar structures are in a class apart from those 
which have been previously considered. The failure or partial crippling 
of such a structure usually will not entail loss of life or great property 
damage. Consequently a lower factor of safety usually is justified. 

In an oil well derrick, the stresses induced by the drilling operations 
or by pulling the casings are not expected to occur at the same time 
as the maximum stresses due to wind. On the other hand, the maxi- 
mum stresses in transmission towers are due to wind on both the towers 
and the transmission lines connected to them. In free standing radio 
towers the dead load and wind stresses are the major stresses. In guyed 
towers the variations in tension in the guys and wind on the guys also 
must be taken into account. 

Towers of these types usually have bolted field connections which 
cannot be depended upon to give full continuity through the joints; 
but the type of bracing is usually such as to give a simple path for trans- 
mission of the loads to the foundation without involving flexure in the 
members. 

70. Wind Pressures on Open Frameworks. From the discussion 
given in Chapter I, Art. 6, it would appear that open framed towers 
should be designed for somewhat higher unit wind loads than solid 
walled buildings. Experiments on models of various structures, carried 
on in the wind tunnel at the U. S. Bureau of Standards,* indicate that 
the resultant unit pressure of the wind on open frameworks is about 
25% greater than the unit pressure on a rectangular prism (a building) . 
In calculating the surface exposed to the wind, no credit should be given 
for the shielding of the leeward portions of the tower by the windward 
frames. The recommended unit pressures given in Art. 6 then should 
be increased for towers to a uniformly distributed force of 25 lb per 
sq ft for the first 300 ft above the ground and increased above this 
level by 3 lb per sq ft for each additional 100 ft of height (1.25 X 2.5 
= 3.125). 

* " Wind Pressures on Structures," by Hugh L. Dryden and George C. Hill, 
Scientific Paper 523 of the U. S. Bureau of Standards. 
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71. Free Standing Radio Towers. Free standing radio towers are 
usually tapered in order to furnish anchorage to the foundation without 
excessive uplift. They may be either square or triangular in cross 
section. Usually the only vertical loads they have to carry are their 
own weight, the weight of the " umbrella " or other form of antenna at 
the top, and an ice load due to sleet. See Art. 3. 

Before starting the wind analysis an estimate must be made of the 
approximate areas of members exposed to wind action. The panel 
concentrations will vary from the top down, not only because of the 
taper of the tower but also because of the 
changing panel heights and the member 
sizes. The stress analysis usually is 
made graphically on the assumption that, 
where two diagonals intersect in a panel, 
the entire stress is taken by the tension 
diagonal. 

The stresses in the members are gov- 
erned by the direction of the wind. 
Figure 100 shows a cross section of a 
square tower with the direction of the wind indicated by the force P. 
This force P is resisted by the four planes of bracing, w, x, y, and z. It 
is assumed that the tower is symmetrical about both axes. Then the 
forces taken by the planes of bracing are 

Px = Pz = ViP COS e [I] 

and 




£i3JQ0 



Py — Pv 



= YiP sin e 



[2] 



For maximum stresses in the bracing members of planes x and z, 6 = 0 

and 

P. = P. = YiP [3] 

The tower legs are each common to two 
planes of bracing and the maximum stresses 
in tower legs A and C will occur when 
Q = 45°. Then 

Px = Pu, = ViP cos e = 0.3535P [4] 

If the cross section of the tower is an 
equilateral triangle, as shown in Fig. 101, the witid force P is resisted by 
the three planes of bracing, x, y, and z. By moments about B, the inter- 
section of planes y and z, 

0.866LP^ = M X 0.866L X P cos 

P, = %P cos e [5] 
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The component taken by the plane a; is a maximum when cos 0 is a maxi- 
mum or, when 6 = 0, 

P. = VsP [6] 

This direction of the wind gives maximum stresses in the bracing of 
plane x. 

By moments about A, the intersection of planes x and y, 
0M6LP, = 34P X 0.866L sin (61 + 30°) 

= %P sin {6 + 30°) [7] 

Tower leg C is common to planes x and z, and will get its maximum 
stress when the sum of the loads on x and z is a maximum. Adding 
equations [5] and [7], 

Px + Pz = VsP [cos 6 + sin {e + 30°)] 

Px-¥ Pz = %-P(1.5 cos e + 0.866 sin B) [8] 

Differentiating and setting the first differential equal to zero, 

%P(0.866 cos e - 1.5 sin 6) = 0 

sine 0.866 „ „„ 

= tan 9 = = 0.577 

cos 6 1.5 

6 = 30° [9] 

Therefore, for a maximum stress in tower leg C, the force P should act 
normal to the plane y, and, from equation [5], 

Pz = Pz= %P cos 30° = 0.577P [9a] 

Figure 102 shows a free standing radio tower, 300 ft high, with the 
estimated wind forces indicated. These wind forces represent the total 
wind load on the tower. They will not vary greatly with the 
direction of the wind. In calculating the stresses, the forces are 
assumed to be applied, all at the windward side of the respective planes 
of bracing. Above the point F we have a simple system of triangular 
bracing, and the stresses are most easily calculated algebraically. 
From F to H there are two systems of triangular bracing, and it is 
assumed that the first, third, and fifth loads are carried by one system 
and the second, fourth, and sixth loads by the other. All diagonals 
above H must be designed to carry either tension or compression. 
Below H the diagonals are assumed to carry tension only except in 
the bottom panel. 

72. Guyed Towers. High radio towers (over 250 ft) frequently 
consist of a square or triangular mast, supported on a single point at 
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the bottom and guyed at one or more levels. The stresses in the mast 
are affected by the elevations at which the guys are attached, the 
angle of the guys with the horizontal and the initial tension in the 
guys. 




Section 




Fig. 102 



650' 



650'- 



The principal stresses in the mast are caused by the bending moments 
induced. Figure 103 shows a mast with only one set of guys. The 
wind load is assumed to be uniformly distributed vertically along the 
mast, and equal to p lb per linear ft. 

In order that the bending moments in the mast may be a minimum, 
the guys should be attached at a height above the base equal to l/V'2 
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times the total height of the mast. Because the dead load of the 
mast plus the vertical components of the stresses in the guys increase 
the fiber stresses in the mast below the level of the cable connections, it 
is economical to lower the cable connections to about two-thirds the 
height of the mast. 




Free Standing Radio Towers. Station WGBF, Evansville, Ind. Height 262 feet. 
(Built by International Stacey Corp.) 



When two sets of guys are used, as shown in Fig. 104, the mast 
becomes a continuous beam with three supports. The sizes of the 
guys and the initial tensions in them must be made such that the 
deflections of points A and D under wind will be approximately pro- 
portional to their heights above the base. In calculating the reactions 
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it is sufficiently accurate to assume that the moment of inertia of 
the maSt is constant. In order that the bending moments in the mast 
may be a minimum, the guys should be attached at elevations about 




Guyed Towers. Station WWL, New Orleans, La. Height 395 feet. 
(Built by International Stacey Corp.) 



■)4o and %o of the height. However, when the vertical components of 
the guy stresses are taken into account, it is found that it is best to 
attach the guys at about one-third and three-fourths of the height. 
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73. Wind Direction for Max- 
imum Stresses. In Fig. 105, let 
H^, Hy, and represent the 
horizontal components of the 
stresses in the three guys, and 
P represent the applied wind 
force. For the wind in the 
general direction shown, and 
neglecting for the time the initial stresses in the guys, the wind stress 
in guy Z will be zero. Resolving normal to guy Y, 




sin /3 = P sin 6 



lioj 



From this, Hj. is a maximum when sin ^ is a maximum, or when 
6 = 90°. For three guys equally spaced, 

and the concurrent component Hy = Q.bllP. 





V-dV 



74. Cable Sag and Deflections. It is customary to put an initial 
tension in the guys equal to about one-eighth of the breaking load 
and to use a working stress of one-fourth to one-third the breaking 
load. 
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The vertical and horizontal components of the tension in a guy 
depend upon its sag and the inclination of the tangents at its ends. 

The weight of a guy will be small compared with the tension in it 
and, therefore, its deflection from a straight line will be small com- 
pared to its length. Because of these facts it will not be greatly 
in error to assume the weight as uniformly distributed along the 
horizontal projection; and the form of the curve, therefore, will be 
nearly a parabola. This assumption is sufficiently accurate for the 
calculation of stresses and deflections. 

Figure 106(6) represents a differential length of the cable with the 
forces acting upon it. 

w = the average weight per horizontal unit. 

From X) vert. comp. = 0, 

dV 

V - wdx - {V - dV) = 0 or -— = w [11] 

dx 

dv 

V = H tane = H -r 
dx 



Differentiating, 
Transposing, 
Integrating twice, 



dV^jjdh 
dx dx 



~ = H-^^ = w [12] 



d^y w 



[13] 



^ = f + C. [14] 
dx H 

y = ^ + Cix + C2 [15] 

With the origin of coordinates at A and measuring y vertically from AB, 
When X = 0, y = 0 Therefore Ca = 0 

and 

wa 

When X = a, y = 0 And Ci = — — 

jitt 

Then the equation of the cable is 



wx^ — wax 



y = 



2H 



[16] 
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Setting the first differential equal to zero in equation [14], we find that 
2/ is a maximum when x = a/2 and 



If we let T = the average tension in the cable 
= the tension at the middle, 

H = T cosa [18] 

(The tangent at the middle is parallel to AB.) 

The angle between the tangent at A or at and the line AB may be 
obtained from equation [14]. 

When X = 0 (at A), 

J = tan, = - [19] 

When X = a(at B), 

J = tan, = - 120] 

Vi = H tan (a + 4.) [21] 
V2 = H tan (a - 0) [22] 

In calculating the efTect of initial stresses in the cables, upon the wind 
stresses, it will be necessary to determine the effect of horizontal deflec- 
tion of the upper connection of the cable upon its sag. The length of the 
cable is given, approximately, by the formula 

L = a sec a + ^ [23]* 

L 3a^ sec'' aj 

If there is a change in sag due to change in stress, the horizontal deflec- 
tion of the upper cable connection may be found by transposing equation 
[23]. 

Let d = horizontal deflection of upper cable connection. Then 

(a + df - L{a + d) cos a + r— = 0 [24] 

3 sec a 

The solution of this quadratic gives the desired horizontal move- 
nent. In this equation, the change in L due to change in stress should 
6 estimated and included. It is sufficiently accurate to obtain A 
rom equation [ 17 ] , disregarding the deflection of A . 

♦See Modern Framed Structures, Part II, 10th Ed., p. 208, by Johnson, Bryan, 
d Turneaure. 
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To illustrate the method of calculation, an example will be given. 
75. A Guyed Tower. Figure 103 shows a tower 300 ft high with a 
single set of guys attached at the 200-ft level. 

a = 360 ft 6 = 200 ft c = 100 ft 

The estimated wind load on the mast is 30 lb per ft. Considering the 
wind as acting on two guys, the pressure on the guys will be about 

2 X 412 X K2 X 25 lb = 1700 lb 

Half of this will be applied at A and half at the ground. By moments 
in Fig. 103, the reactions for the mast are 

Ba = 6750 + 850 = 7600 lb 
Rc = 2250 lb 

From Fig. 105 and equation [10], the maximum horizontal component 
of wind stress in guy i is = 7600 X 1.155 = 8780 lb. 

The concurrent Hy = 4390 lb 

These components are calculated on the assumption that there is 
no horizontal movement of A and, consequently, no change in the 
initial stresses in the guys. The point A, Fig. 103, will deflect, and, 
from Fig. 105, the initial stress in Z will be relieved somewhat, which 
will relieve an equal part of the initial tension in each of the other 
guys. The amount of this rehef must be determined by trial. 

Disregarding the initial tensions for the moment, the maximum wind 
stress in guy X will be 

X„ = 8780 sec a = 10,040 lb 

Try %-in. high-strength cable, breaking load = 66,000 lb. The initial 
tension will be about 8400 lb. Horizontal component of initial 
tension = 8400 cos a = 7340 lb. 

Weight of cable = 1.20 X 412 = 490 
4 insulators at 57^ lb = 230 

Total = 720 lb 

The weight of the insulators has been assumed as being uniformly 
distributed along the cable. If the insulators are all concentrated 
near the top of the cable the sag will be somewhat reduced and the 
true shape of the cable may be determined by a force polygon. This 
is usually an unnecessary refinement. 

720 

Load per horizontal foot = — - = 2.00 lb 
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From equation [17], 
A = 



2.00(360) ^ dead load alone 

8 X 7340 



From equation [23], 

Weight per ft 

Net area of cross section for a %-m. cable = — - — 7- : — - 

Wt 01 1 sq m. steel per ft 

= 0.353 sq in. 

Assumed modulus of elasticity of cable = 20,000,000 psi 

Guess at relief of initial tension in cable Z due to horizontal deflection 
of point A, say 5540 lb. Its horizontal component = 4840 lb. 

Estimated ff, = 7340 - 4840 = 2500 lb 
Concurrent Hy = 4390 + 2500 = 6890 " 
Concurrent = 8780 + 2500 = 11,280 " 

The approximate total stresses in the guys when X is a maximum are 
Z = 2500 sec a = 2860 lb 
Y = 6890 sec a = 7880 " 
X = 11,280 sec a = 12,900 " 

The wind stress in Z = 2860 - 8400 = - 5540 lb 
The wind stress in 7 = 7880 - 2860 = 5020 " 
The wind stress in Z = 12,900 - 2860 = 10,040 " 

10.040 , . 

Unit wind stress in X = — — - = 28,440 psi 

U.ooo 

5020 ^ ^ „^ 

Unit wind stress in 7 = = 14,220 

— 5540 

Unit wind stress in Z = ^^^^ = -15,690 

28 440 

The stretch of cable X due to wind = X 411.93 = 0.586 ft 

14,220 „ 
The stretch of cable 7 due to wind = 20 oqq qoq ^ ^^^"^^ " ^-^^^ 

The stretch of cable Z due to wind = 209^00^0^00 ^ "^^^'^^ " -0.323 " 
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From equation [17], the sags of the cables will be 

wa^ 2.00(360)2 



A. 



8H 8 X 11,280 
2.00(360)2 



= 2.87 ft 



9 X 6890 



4.70 ft 



The total lengths of the guys under wind stress, when Z is a maximum, 
are 

Length X = 411.93 + 0.586 = 412.516 ft 
Length F = 411.93 + 0.293 = 412.223 ft 
Length Z = 411.93 - 0.323 = 411.607 ft 

From equation [24], 



For guy X, (a + d^Y - 412.516 cos a (a + 4) + ; 



8(2.87)2 




From equation [24], 

,a2 



3 sec a 
o + = 360.556 ft 
d:, = 0.556 ft 

For guy F, (a + dy) = 360.238 ft 
dy = 0.238 ft 

By geometry, as shown in Fig. 107, 

d^ = dx^- dy= -0.794 ft 



= 0 



3 sec* 



(a + c?)[L cos a — (a + c?)] 



„ ^ 5J381 ^ 206[359.796 - 359.206] 



136.12 



A. = U.67ft 



From equation [17], 



^ ^ ^ 2.0(359.206)2 ^ 
' 8A, 8 X 11.67 

This value of i?z compares with the first estimated value, which was 
2500 lb. If a closer approximation is desired, a second set of calculations 
may be carried through. 

Using the new value of //j, the horizontal component of the wind stress 
carried by relief of initial tension is 

7340 - 2760 = 4580 lb 
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The resulting maximum stress in guy X is found by adding the wind 
stress to the residual initial tension. 



= 8780 + 2760 = 11,540 lb 



From equation [20], 



tan (j> 



4> 

a 



2.00 X 360 
2 X 11,540 
1° - 47' 

29° - 3' 



= 0.0312 



Max X = sec (a + <f>) = 13,440 lb 

The breaking load for a %-in. high-strength cable is about 66,000 
lb. A working load of one-fourth the breaking load would give 16,500 
lb allowable. 

Ice Load. It is assumed that ice load on the cables will not occur 
at the same time as the maximum wind load, because the vibrations 
of the cables due to wind would loosen the ice. 

From equation [17], 

8A 



H 



The stretch of the cable 
The exact amount may 



The value of A for dead load alone is 4.41 ft. 
due to added ice load will increase its sag. 
be obtained by approximations. 

The ice load,* according to Art. 3, would be about 2.5 lb per ft of 
cable or 2.9 lb per ft horizontal. The total load w = 2.9 + 2.0 = 4.9 
lb per ft. Using the ice load alone and the dead load sag of 4.41 ft, 
H, = 9,200 lb and Ti = 10,500 lb. The stretch due to this added ten- 
sion is 



10,500 X 411.93 
0.353 X 20,000,000 



0.613 ft 



he length of the cable then would be 

L = 411.93 -j- 0.613 = 412.543 ft 

ubstituting in equation [23] and solving for A, 

a2 = 142 and A = 11.91 ft 

Obviously, the sag of the cables will be increased considerably by the ice 
ad. 



* Ice loads as high as 7 lb per ft of power line have been reported. 
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Guessing at a value of the total sag of, say, 8 ft, from equation [17], 
2.9 X (360)2 

Hi = ^ = 5870 lb and Ti = 6700 lb 

8 X 8.0 

The stretch due to this added tension is 

X ^'' '^ = 0.391 ft 
0.353 X 20,000,000 

The length of the cable then would be 

L = 411.93 + 0.391 = 412.321 ft 

Using A = 8.0 ft, from equation [23], 

L = 412.156 ft 

This indicates that the sag would exceed 8.0 ft. By trial it is found that 
A = 9.3 ft satisfies the equations. For this sag 



4.9(360)2 

Total H = — ^ = 8535 lb 

8 X 9.3 



From equation [20], 



4.9 X 360 



0=5°- 56' 
a = 29° - 03' 
(a + 0) = 34° - 59' 

Max T = H sec (a + 4,) = 10,420 lb 

which is well within the safe load for a %-in. cable. 

76. Stresses in the Mast. Since the weight of the mast causes a 
small proportion of the total maximum stress which it must carry, it is 
sufficiently accurate to assume its weight as uniformly distributed 
vertically. In the problem of Art. 75 this will be assumed as 64 
lb per ft. 

The mast is triangular in cross section and braced as shown in 
Fig. 108. It is built in 20-ft sections as shown. The members are 
made of solid round sections. The system of lacing shown gives a 
positive support to each vertical in two directions at each panel 
point. The specifications of the American Institute of Steel Construc- 
tion for the Design of Structural Steel for Buildings will be followed. 
The shear and moment diagrams, due to wind, are shown in Fig. 103. 
The lateral dimension of the mast must be such that the maximum 
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value of L/r will not exceed 120. The maximum unsupported length 
is 200 ft, and the required radius of gyration is 1.667 ft. The radius 
of gyration of a triangular section is 0.408 times the side of the 

X 667 

triangle and the required lateral dimension is — = 4 ft. 

0.408 

Mast above A, Fig. 103. The mast above ^ is a 
free standing cantilever, and the maximum moment at 
A due to wind is 



Ma 



30 X (100)2 



150,000 ft-lb 



The maximum compression in vertical C will occur 
with the wind normal to AB. (See Fig. 101, and 
equation [9].) The effective depth of the mast is 
3.46 ft, and the maximum compression in vertical C 
due to wind is 



150,000 



43,400 lb 



3.46 

The dead load compression is 

K X 64 X 100 = 2130 lb 
Total Vc = 43,400 + 2130 = 45,530 lb 

A = 2.76 sq in. - = — 
r 0.47 

Allowed unit stress = IH X 13,500 = 18,000 psi 
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Try 1%-in. round. 



85 



45 530 

Reqd. area = ' = 2.53 sq in. 
18,000 

The sizes of the vertical members may be reduced toward the top 
of the mast, but in no case should the value of L/r exceed 120. The 
stresses in the web members are readily obtained from the shears. The 
maximum shears on a single plane of bracing are obtained when ^ = 0 
in Fig. 101. (See equation [6].) These will be two-thirds of the 
amounts shown in the shear diagram of Fig. 103. 

Mast below A, Fig. 103. The stresses in the mast below the con- 
nections of the guys are affected by the vertical components of the 
stresses in the guys. The maximum stress in a guy and the maximum 
compression in the vertical to which it is attached do not occur under 
the same wind direction. (Compare Figs. 101 and 105.) 
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From Art. 75, the initial tension in a guy (no wind) is 8400 lb. Its 
vertical component plus half the weight of the guy will be 

720 

Ve = 8400 sin a + = 4,440 lb 

Dead load at A (Fig. 106) = 2,130 " 
Total Vc = 6,570 " 

When the wind direction is normal to AB, Fig. 101, the wind stress due to 
bending will be a maximum for vertical C. When the wind is normal to 
face AB, the tension in guy Z, which is attached to the mast at C, Fig. 
101, will be slightly less than the amount calculated in the last article 
because of the change in direction of the wind ; but it will be on the safe 
side to use the stress formerly computed in calculating the stress in 
vertical C. 

From wind, Vo = 43,400(c) 
From dead load = 2, 130(c) 
From guy tension = 2760 tan (« + <#>)= l,650 (c) (See Art. 75.) 
Max compression just below A = 47,180 lb 

When the wind is normal to face AB, the horizontal components of the 
wind stresses in guys X and Y are equal, and each is 

— X sec 60° = 7600 lb 
2 

= Hy = 7600 + 2760 = 10,360 lb 
The simultaneous stress in vertical 4 or B is 

From wind, Va = = 21,700(0 

From dead load = 2, 130(c) 
From guy tension = 10,360 tan (a + 0) = 6,200 (c) 

Max tension just below A = 13,370 lb(0 

From the shear diagram. Fig. 103, the maximum positive moment occurs 

30 X (75)^ 

75 ft above the base, and is = 84,400 ft-lb. For maximum 

compression in C, here, the wind direction will be opposite to that for 
compression in C at the connection of the guys. 
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84 400 

From wind, Vc = = 24,400 lb 

3.46 

From dead load, F<, = M X 64 X 225 = 4,800 " 
From guy tension, = 10,360 tan (« + </,)= 6,200 " (See Art. 75.) 

35,400 " 

The maximum compression in vertical C is, therefore 47, 180 lb. The 
allowed compressive unit stress is 18,000 lb per sq in., as noted for the 

member above A. Reqd. area = = 2.62 sq in. This requires a 

18,000 

1%-in. round. 

The mast, as a whole, must be considered as a column from A to C, 
Fig. 103. Its radius of gyration will be 

r = 0.408 X 4.0 = 1.63 ft 

- = — = 123 Allowed unit stress = IM X 9677 psi 

r 1.63 

Total compression in the mast = 6200 X 2 + 1650 + 3 X 2130 

= 20,440 lb at A 

From direct compression, s 
From bending, s 



20,440 


6810 


3A 


A 


43,400 


43,400 


A 


A 




50,210 




A 



Max s 

in which A = area of one vertical. 
Quoting from the specifications. 

Members subject to both axial and bending stresses shall be so propor- 
tioned that the quantity J a/ Fa + fi/^i shall not exceed unity, in which 

Fa = axial unit stress that would be permitted if axial stress alone 
existed. 

Ft, = bending unit stress that would be permitted if bending stress only 

existed, 
/a = actual axial unit stress, 
/(, = actual bending unit stress. 

6810 43,400 



IVs X 9677 IM X 20,000 
Solving for A, 

A = 0.53 + 1.63 = 2.16 sq in. 
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The minimum permissible area of one vertical below A, Fig. 103, is 
2.16 sq in. This requires a 1%-in. round. Although the 1-%-in. 
round is sufficient, considering the mast as a whole, a 1%-iii. round is 
necessary when the individual vertical member is considered. 

77. Towers Guyed at Two Levels. Figure 104 shows a mast 400 
ft high, with two sets of guys anchored 360 ft from the base. The 
reactions at the three levels, C, A, and D, may be determined with 
sufficient accuracy by assuming the moment of inertia of the mast 
to be constant. It also is assumed that the sizes and initial tensions 
in the guys are so adjusted that the deflections at A and D, due to 
wind, are proportional to their heights above the base. 

a = 360 ft h = 140 ft h = 160 ft 

From the theorem of three moments, the horizontal reactions are 
found to be 

Rc = 59.17p Ra = 139.06p Rd = 201.77p 

From these the shear and moment diagrams may be drawn as shown in 
Fig. 104. As in the problem of Art. 75, the estimated wind load on the 
mast is 30 lb per ft. The wind pressure on the guys will be about 

>4 X 2 X 387 X ^2 X 25 = 810 lb applied at A 
X 2 X 469 X X 25 = 980 lb applied at D 

The total horizontal reactions for the mast are 

Rc = 59.17 X 30 = 1775 lb 

Ra = 139.06 X 30 + 810 = 4980 lb 

Rd = 201.77 X 30 + 980 = 10,030 lb 

From equation [10], the maximum horizontal component of wind stress 
in guy Xa is 

UxA= 4980 X 1.155 = 5750 lb 
The concurrent Uya = 2875 lb 

HxD = 10,030 X 1.155 = 11,5801b 
The concurrent Uyd = 5790 lb 

These components are calculated on the assumption that there is 
no horizontal movement of the points A and D, and consequently no 
change in the initial tensions in the guys. The points A and D will 
deflect, and, from Fig. 105, the initial stresses in Za and Zd will be 
relieved somewhat, which will relieve an equal part of the initial 
stresses in each of the other guys attached at the same level. The 
amount of this relief must be determined by trial. 
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Disregarding tlie initial tensions for the moment, the maximum wind 
stress in the guys will be 

Xa = 5750 sec a = 6170 lb 
Xd= 11,580 sec /3 = 15,080 " 

Try for guys at A, %-in. high-strength cable, breaking load = 50,000 
lb. Try for guys at D, 1-in. high-strength cable, breaking load = 
84,000 lb. For the %-in. cable at A we will try an initial tension of 
6,200 lb, and for the 1-in. cable at D, an initial tension of 10,000 lb. 
The respective horizontal components will be 

Hai = 5S00\h and Hd/ = 77001b 

Weight of %-m. cable = 0.9 X 387 = 350 lb 
Four insulators at 56 lb = 225 " 
Total = 575 " 

Weight of 1-in. cable = 1.58 X 469 = 740 lb 
Four insulators at 75 lb = 300 " 
Total = 1040 " 

575 

The weight per horizontal foot, wa = = 1.6 lb per ft 

360 

1040 

WD = = 2.9 " " " 

360 

From equation [17], for dead load alone, 

1.6(360)2 

^, = 1^^.6.10 ft 
8 X 7700 

From equation [23], 

r 8(4.47)2 1 

La = 360 sec a + ' 3 = 386.38 ft 
L 3(360) sec a J 

r 8(6.10)2 1 

= 360 [sec ^+ 3^3;^^, ^^^3 J -468.737 ft 

0.9 

Net area of cross section %-\n. cable = — = 0.257 sq in. 

3.4 

1 58 

Net area of cross section 1-in. cable = — — = 0.465 " " 

3.4 

Assumed modulus of elasticity = 20,000,000 lb per sq in. 
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Guess at relief of initial tension due to horizontal deflection of A, say 
3600 lb, and due to horizontal deflection of D, say 6500 lb. The hori- 
zontal components of these are 3400 lb and 5000 lb, respectively. 

Estimated Hz^^ = 5800 - 3400 = 2400 lb 
Concurrent Hya = 2875 + 2400 = 5275 " 
Concurrent Hxa = 5750 + 2400 = 8150 " 

Estimated Hzd = 7700 - 5000 = 2700 lb 
Concurrent Hyd = 5790 + 2700 = 8490 " 
Concurrent Hxd = 11,580 + 2700 = 14,280 " 

The approximate total stresses in the guys when X is a maximum are 



Za = 


2400 sec a = 


2580 lb 


Ya = 


5275 sec a = 


5660 " 


Xa = 


8150 sec a = 


8750 " 


.Zd = 


2700 sec /3 = 


3520 lb 


Yd = 


8490 sec /3 = 


11,060 " 


Xn = 


14,280 sec /3 = 


18,600 " 



-3620 lb 
3080 " 
6170 " 

-6480 lb 
7540 " 
15,080 " 

psi 

u 
n 

psi 



Wind stress in Za 


= 2580 - 


6200 = 


Wind stress in Ya 


= 5660 - 


2580 = 


Wind stress in Xa 


= 8750 - 


2580 = 


Wind stress in Zd 


= 3520 - 


10,000 = 


Wind stress in Fd 


= 11,060 - 


3520 = 


Wind stress in Xd 


= 18,600 - 


3520 = 



Unit wind stress Xa = = 24,000 
0.257 

XT . . , 3080 

Unit wmd stress Ya = z-rrz = 12,000 

XT . . , r, -3620 

Unit wind stress Za = ^ = -14,080 

XT . . , 15,080 

Unit wind stress Xd = 777 — = 32,400 



TT . • , T. 7540 

Unit wind stress Yd = — — = 16,200 



XT . • , r, -6480 
Unit wind stress Zd = = -13,900 



0.465 
7540 
0.465 
-6481 
0.465 
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24.0 X 386.38 

Stretch of cable due to wind, dLxA = 20000 0.442 ft 

12.0 X 386.38 

Stretch of cable due to wind, dLyA = 20000 ^ ^"^^^ " 

-14.08 X 386.38 
Stretch of cable due to wind, dLzA = 20000 ^ —0.272 

32.4 X 468.73 

Stretch of cable due to wind, dLxo = 20000 0.759 ft 

. , 16.2 X 468.73 
Stretch of cable due to wind, dLyD = onTwi ^ 0.380 

- 13.9 X 468.73 

Stretch of cable due to wind, dLzo = ncTrir^ ^ —0.326 " 

From equation [17] the sags of the cables will be 

IMml =3.18 ft 
8H 8 X 8150 

L6W ^ 
8 X 5275 

2^imL = 3.28 " 
8 X 14,280 

8 X 8490 

The total lengths of the guys under wind stress, when X is a maximum 
are 

Length Xa = 386.38 + 0.442 = 386.822 ft 
Length Ya = 386.38 + 0.221 = 386.601 " 
Length Za = 386.38 - 0.272 = 386.108 " 

Length Xd = 468.737 + 0.759 = 469.496 ft 
Length Yd = 468.737 + 0.380 = 469.117 " 
Length Zd = 468.737 - 0.326 = 468.411 " 



From equation [24], 



8 X (3.18)2 



For guy Xa, (a + d)^ - 386.822 cos a (a + d) + „ , 

3 sec a 

For guy Xa, (a + d) = 360.448 and dxA = 0.448 ft 
For guy Ya, {a + d) = 360.197 and dyA = 0.197 " 
For guy Xd, (a + d) = 360.651 and dxo = 0.651 " 
For guy Yd, (a + d) = 360.309 and dyo = 0.309 " 
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From geometry, as shown in Fig. 107, 

dzA = dxA + dyA = 0.645 ft 

From equation [24], 



\2 = 



3 sec* a 



(a + d)[L cos a — (a + d)] 





3.9765 




~ 8 ' 


AzA 


= 9.50 ft 


HzA 


wa^ 


8AzA 



8 

X 359.355(386.108 cos a - 359.355) = 90.20 



= 2730 lb 



This value of Hza compares with the first estimated value, which was 
2400 lb. 

dzD = dxD + dro = 0.960 ft 

From equation [24], 

r, 8.613 

aL = ——- X 359.040(468.411 cos p - 359.040) 
8 

= 311.539 AzD = 17.65 ft 
2.9(360)2 
^- = 8^5 = ^^^^^^ 

This value of Hzd compares with the first estimated value, which was 
2700 lb. 

The original assumption that the horizontal deflections of A and D 
were proportional to their heights above the base would require that 

300 

rfzD = ^ X dzA = 1.382 ft 

The actual dzo = 0.960 ft. Therefore the mast is out of line at D 
by 1.382 - 0.960 = 0.422 ft. 

By integration of the elastic line of the mast it is found that 

Pl2 

EIS = -Y(h + h) [25] 

in which 6 = deflection of D with respect to CA produced, 

P = the required horizontal force at D to produce 5. 

Assuming in our case that the average size of the mast legs is 2 in, round 
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and that the mast is triangular, 3 ft on a side, 

/ = 4.54 = 4.5 X = 0.0982 ft* 

144 

E = 29,000,000 X 144 = 4176 X (10)^ lb per sq ft 

These calculations show that, in this case, the deviation of the mast from 
the assumed position does not affect the stresses in the guys appreciably. 
The small effect upon the bending moment is easily calculated. 
The maximum stress in guy, Xa = (5750 + 2730) sec (a + <t>) 

1.6 X 360 

tan <t>A = ^ ^ = 0.03396 (equation [20]) 

ct>A= 1° - 57' 
a = 21 - 15 
{a + ct>) = 23° - 12' 
Max Xa = 8480 sec (a + <t>) = 9220 lb 

Breaking load for %-m. high-strength cable is about 50,000 lb. 

The maximum stress in guy, Xj) = (11,580 + 2660) sec (/3 + <j>) 

2.9 X 360 

tan = = 0.0366 

2 X 14,240 

<t>D= 2° - 6' 

/3 = 39 - 48 

(P + 4>) = 41° - 54' 

Max Xd = 14,240 sec (/3 + <^) = 19,130 lb 

The breaking load for a 1-in. high-strength cable is about 84,000 lb. 

78. Transmission Towers. The Cables. In the layout of tower 
structures for high voltage transmission lines it is advisable to have 
the cooperation of an electrical engineer, so that electrical require- 
ments of the line may be properly taken care of in the design. The 
height of the towers must be such as to give ample clearance of the 
conductors, above the ground at the lowest point of the span, also clear- 
ance between the conductors and any communication lines or other 
distribution circuits which it may be necessary to carry on the main 
towers. Safety requirements at highway or railroad crossings must be 
met. Provisions for a grounded conductor to be carried from the top- 
most part of the tower must be made, its function being to protect the 
line from strokes of lightning. The number of suspension insulators 
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per string, to which the conductors are attached at each tower, must be 
determined from the operating voltage of the line. 

The horizontal members of the upper part of the tower structure 
must be of such dimensions as to provide adequate clearance between 
the conductors, with allowance for side swing both of the conductors 
and of the string of insulators from which they are carried. Clearance 
between the individual conductors where they are attached to the 
insulators, and adjacent portions of the tower structure, must also be 
determined after due consideration of the electrical characteristics of 
the transmission line. At this point allowance must be made for arcing 
rings or horns, or other such devices needed to discharge lightning 
strokes, or voltage surges within the line which may result from cer- 
tain load conditions. Provision must also be made for the devices used 
to protect the conductor and the lower insulators of the suspension 
string from the high potential gradients originating at the points where 
the conductor is attached. These gradients would cause brush dis- 
charges in the form of corona, resulting in appreciable power losses and 
rapid corrosion of all near-by metal parts. They would also subject 
the lower insulators of the suspension string to extreme potential strains 
which would cause them to deteriorate and make their frequent replace- 
ment necessary. These high potential gradients are relieved by the use 
of grading shields attached to the conductor where it is fastened to the 
insulators. The type and size of each of these protective devices must 
be ascertained, and proper clearance between them and the adjacent 
portions of the tower structure must be provided for in the design of the 
tower. 

Transmission towers carrying cables may be subjected to stresses 
produced by variations in the initial tension in the cables, temperature 
changes, wind, ice, and by the breakage of one or more of the cables. 

In order to study the effects of these conditions on the towers, an 
investigation first must be made of their effects upon the stresses in 
the cables themselves. The cables are usually suspended from the 
cross arms by chain insulators which are free to swing with the vary- 
ing tension in the cable. These suspended insulators equalize the 
stresses in the adjacent cable spans and reduce the longitudinal forces 
which the towers have to resist. A flexible cable of uniform cross 
section suspended at two points and carrying only its own weight, or 
a uniform load along its length, assumes the form of a catenary. The 
equations of the catenary are cumbersome and not easily handled. 
For relatively small sags, which are usually met with in transmission 
lines, a parabolic curve gives results of sufficient accuracy. The error 
due to the parabolic assumption becomes greater as the sag increases. 
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For spans up to 1500 ft and sags not exceeding one-tenth (%o) the 
span, the error will be less than 3%. 

As in Art. 74, the weight of the cable is assumed to be uniformly 
distributed along its horizontal projection and its curve is, therefore, 
assumed to be a parabola, as shown in Fig. 109. Equations [16] to 
[23], inclusive, of Art. 74, apply to these transmission cables. 




F/<7. 109 



The spacing of the towers and their height are governed by the 
allowable tension in the cable, the permissible sag, the required clear- 
ances, and the topography of the country. The sag is usually made 
as small as the allowable tension in the cable will permit. 

To illustrate the sag calculations we will assume the following data 
(Fig. 109) : 

Span a = 800 ft. Difference in elevation /i = 40 ft. 

Steel-reinforced aluminum cable of 266,800 cir. mils. 

Area = 0.2367 sq in. Max. allowed tension = 4730 lb. 

E = 11,500,000 lb per sq in. Coefficient of thermal expansion = 
0.00001. 

Weight per foot of bare cable = 0.341 lb 
Ice load (1 in. radial) = 1.009 " 

Total vertical load = 1.35 " 

The wind load on a cylindrical surface is about one-half of that on a 
square prism of the same diameter; this would give a pressure of about 

214 

10 lb per sq ft on the ice-loaded cable = x 10 = 2.0 lb per ft. 

12 

Resultant = V(l.35)2 + (2.0)2 ^ 2.42 lb per ft 
For a first trial, assume H = 4600 lb. From equation [17], 

A = - = 42.1ft 
tan a = 0.05 a = 2° - 52' 
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From equation [20], 

tan 0 = ^ = 0.2104 ^ = 11° - 27' 

(a + <t>) = 14° - 19' 

From equation [21], 

Vi = H tan (a + 0) = 1175 lb. 
Ti = V(ll75)2 + (4600)2 ^ 475Q 

This value is comparable with the maximum allowable tension of 
4730 lb. The average tension in the cable = // sec a = 4606 lb. 

The above sag and tension have been calculated at a minimum tem- 
perature of, say, zero Fahrenheit, under maximum wind and ice load. 
Under these conditions the length of the cable from equation [23] is 

L = a [sec a + ^ "I = 806.885 ft 

|_ da^ sec"* a J 

Suppose* now that the ice and wind are absent and the temperature 
rises to 120° Fahrenheit. The lengthening of the cable due to rise in 
temperature will be 120 X 0.00001 X 807 = 0.968 ft. An approximate 
value of H may be determined by multiplying the former value by the 
load ratio. 

0 34 

Trial H = 4600 X — = 646 lb 

Average tension in cable = 646 sec a = 647 lb 
Approximate reduction in cable stress = 4606 - 647 = 3959 lb 

3959 

Approximate reduction in unit stress = ^ ^357 16,720 psi 

16,720 X 807 

Approximate shortening of cable by relief of stress = 500 000 

= 1.173 ft 

Approximate L = 806.885 + 0.968 - 1.173 = 806.680 ft 

From equation [23], 

= %a sec^ a{L - a sec a) = 1710.39 
A = 41.36 ft 

♦See "Simplified Cable Sag Calculations," by C. M. Goodrich, Civil Eng., 
January, 1942, p. 104. 
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From equation [17], 

„ wa? 0.34 X (800)2 

H = — = - 660 lb 

8A 8 X 41.36 

This compares with the trial value of 646 lb assumed above. A second 
cycle of computation, using H = 660 lb, gives A = 41.37 ft and 
checks the value of H within a pound. Such accuracy of calculation 
is unwarranted. 

79. Transmission Tower Loads, (a) Vertical Loads. The vertical 
loads carried by a tower are those due to dead load plus ice on the 
tower itself, and to the weight of the insulators, the vertical components 
of the cable pulls, and their ice loads, applied at the ends of the cross 
arms. 

[h) Transverse Loads. The maximum transverse load is due to 
wind on the ice-coated cables and tower. If there is an angle in the 
line at the tower, the normal component of the line pull must be 
added to or subtracted from the wind, depending on its direction. 

(c) Longitudinal Loads. The maximum longitudinal load on a 
tower would occur with all cables broken in one span and maximum 
wind and ice loads on the adjacent span, combined with low tempera- 
ture. This would involve both longitudinal and transverse bending 
on the tower. 

(d) Torsion on a tower exists whenever any unsymmetrical break- 
age of cables occurs. The maximum torsion would occur with all 
the cables on one side of the tower broken in one span, and those on 
the other side of the tower broken in the adjacent span, combined with 
ice, low temperature, and wind. 

(e) Impact. When ice forms on a wire in a sleet storm accom- 
panied by wind, the ice coating is not symmetrical, but is flattened on 
the windward side and elongated on the leeward side. This unsym- 
metrical cross section is aerodynamically unstable and causes the cable 
to undulate in the wind, sometimes " whipping " several feet in long 
spans. This " whipping " of the cables causes impact stresses at the 
supports. Also, when the ice load is suddenly dropped from the cable 
in one span, torsional impact is caused. These impact stresses are 
seldom calculated, but must be kept in mind in selecting proper work- 
ing stresses for design. 

The vertical and transverse forces described in (a) and (6) are the 
normal operating loads and may occur frequently. The forces de- 
scribed in (c), id), and (e) are extreme, and will occur rarely. They 
should be provided for at a reduced factor of safety. 
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Figure 110 shows two successive spans of a transmission line on a 
uniformly rising grade. If a = 800 ft and h = iO ft, the cable stresses 
are as shown in the problem of Art. 78. 




F/(7. no 



(a) Vertical Loads. For the tower between the two spans shown, 
the vertical load, without wind, but including ice, at each cable 
connection is 

From cable = 1.35 X 800 = 1080 lb 

Insulators = 80 " 

1160 " 

The vertical load from each ground cable (say V2-in- transmission 
rope) is 

From cable (0.39 + 1.00) = 1.39 X 800 = 1110 lb 
No insulators 

The dead load of the tower and its ice load may be estimated from 
the proposed tower design. 

(5) Transverse Load. (No angle in the line.) At each cable con- 
nection the transverse load = 2.00 X 800 = 1600 lb. The wind on 
the ground cables would be practically the same as on the conductor 
cables. The wind on the towers and insulators must be estimated 
from the proposed tower design. 

(c) Longitudinal Loads. The maximum line pull on the tower will 
occur with the wind normal to the line. When a cable in one span is 
broken, the length of the cable in the adjacent span is increased by 
the length of the insulator chains (except for the ground cables which 
have no insulators). The horizontal pull of one ground cable may 
be taken the same as that calculated in Art. 78 for the conductor 
cables, viz., 4600 lb. For the conductor cables with one span broken, 
the length of cable will be approximately 806.885 + 3.00 = 809.885 ft. 

From equation [23], 



= Ysa sec^ a{L - a sec a) = 2675.5 
A = 51.7 ft 
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From equation [17], 



wa^ 2.42(800)2 



3745 lb 



8 X 51.7 

(d) Torsion. The torsion forces on the tower may be taken directly 
from the cable pulls calculated in (c) above. The torsional reactions 

^Ground Cable 




EigJlL 

and the stresses in the tower members may be calculated by the 
methods given in Chapter VIII. 

80. Torsional Stresses. Often the towers are not square in plan, 
as is the one shown in Fig. 111. In order to illustrate the general 
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case, a simple rectangular tower as shown in Fig. 112 will be taken. 
The framework is assumed to be braced on all four sides and the 

cross section held rectangular by 
horizontal bracing at the panel 
points. The force P is applied at 
the end of a cross arm at the top 
of the framework as shown. 
Under this force the frame dis- 
torts as shown by the dotted lines 
in the plan. The resistances 
offered by the bracing in the four 
faces of the tower are indicated by 
Ra, Rb, Rc, and Rd- The deflec- 
tions of these four faces are Aa, Ab, 
Ac, and Afl. 




By statics, 
Ra + Rc = P 
Rb + Rd = 0 

Rcb - Rod = P 



By similar triangles, 

- Ac Ab + Ad 



d 



Aa = 



fjgJJZ, 



Ac = 



RJ^ 
^EIa 



Rch^ 



3EIc 



Ab 



Ad = 



[26] 
[27] 

[28] 



[29] 



RBh^ 



3EIb 
Rph^ 



in which Ia, Ib, Ic, and Id are the moments of inertia of the frames 
forming the respective sides of the tower. 
If the four columns of the tower are alike, 

^2/ ~ 2 



Ia = Ic = 2A 
d^ 



IB 



Id = 



Ib 

Substituting in [29], 



and 



7 -7 



Ra — Rc = {Rb + Rd) t 

0 
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and substituting from [27], 



Ra-Rc = 2Rd i m 

0 

Ra + Rc = P _ 126] 

d 

Adding, 2Ra = P + 2Rd ^ 



From equation [28], 



Rd = Rc-^ 



Ra=^ + Rc 



P P 
RA-Rc = --r^ 



(-0 



R^+Rc = P [26] 



Adding, 2Ra = IViP - j: (c - 0 



h 

B.=«P-|(c-0 [311 



Substituting in equation [26], Rc = + £ ('^ ~ 

Ph P( h\ 
From equation [28], = ^ "^^ ~ 2d V ~ 2/ 



[32] 



[33] 



The forces for which the bracing in the four sides of the tower must 
be designed are given by equations [31], [32], and [33]. If there are 
two loads P in opposite directions on opposite ends of the cross arm, 
the bracing in each of the sides A and C will be designed for a force 
P and that in each of the sides B and D for 2R^ from equation [33]. 
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INDUSTRIAL BUILDINGS 

81. General Plan. An industrial building is built to accommodate 
an industry ; hence it is seldom possible to arrange the structural fram- 
ing until the industrial engineer has developed the production scheme. 
The structural engineer can point out relative costs and the practica- 
bility of various framing plans as the industrial layout proceeds. A 
framing plan which seems too expensive from the structural stand- 
point may be economical when operation costs, earlier occupancy, and 
production are considered. 

The modern trend is toward simplicity and a repetition of units 
leading to easy expansion of the industrial plant if warranted at some 
future time. The exteriors are of simple functional design with archi- 
tectural embellishments missing, keeping the maintenance costs as 
low as possible. The interiors have longer spans and hence fewer 
columns blocking working areas, and overhead areas formerly blocked 
by trusses can be cleared by using rigid type framing. More thought 
is being given to controlling the factors of ventilation, lighting, sound 
insulation, and air conditioning as they affect working conditions and 
overall costs. Facilities such as walkways for interior maintenance and 
monorails on the exterior walls to aid window cleaners are typical of 
modern design. 

A complete industrial establishment may include the power plant, 
office building, and factory. In this chapter we shall be concerned 
with the factory only. 

82. Framing Types. The examples of typical transverse and longi- 
tudinal framing that follow are, with one or two exceptions, of the 
one-story type. Many industrial processes will be better accommo- 
dated by the multistory building, but in general the one-story plant 
eliminates the need of elevators and a waste of time in the handling 
of materials. The cost of the multistory building per square foot of 
floor area may run as much as 30% more than the single-story build- 
ing. In some instances a basement under certain areas of the building 
may be desirable for small parts storage, locker rooms, and toilets. 

For the purpose of definition in the discussions which follow, the 
bay width is the longitudinal spacing of the transverse framing units, 
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and the aisle width is the distance between the column lines measured 
transversely. 

The mill building type of transverse framing is shown in Fig. 113. 
This type is used when heavy equipment and heavy production are 





(a) (b) 




2\ 



(c) 



Mill Building Type 
Fi g. 113 



involved, the crane runways normally running the full length of the 
building. A monitor may be placed on either of the roof framings 
depicted, for light and ventilation. The exterior walls may be glazed 
as desired. Figure 113(c) indicates the fiat roof type with two aisles, 



Co) 

Glass Sa*^'''' ^^''"^'^ -"^^ '"^ 




(c) 
Fig. 114 

and Fig. 113(d), a scheme by which the center column can be omitted 
and both center crane runways supported from the truss. With light 
crane loadings it is possible to frame the supporting runways so that 
loads may be moved from one aisle to the other. The bay width for 
the usual mill building runs from 20 to 30 ft. 

Figure 114(a) is the transverse section of a three-aisle building with 
the center aisle having a height sufficient to accommodate a heavy 
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crane. The high framing permits the installation of vertical sash 
above the low roofs for light and ventilation, and in effect gives a 
longitudinal monitor. This type of framing is capable of being ex- 
tended transversely to give more working aisles. 



(o) 



Fig. 115 
Three Aisle Rigid 
Frames 




The sawtooth roof shown in Fig. 114(6) and (c) is used extensively 
for mills and shop buildings of one story. The plane of the steeper 
rafter is glazed, and this side is made to face north if possible. By 
this arrangement the floor below is lighted by an even diffused light, 
without the necessity of making the building narrow to gain light 
from the sides, and without the disadvantages of skylights through 
which the direct rays of the sun may shine. Skylights are also diffi- 
cult to keep watertight. In machine shops and weaving sheds where 
columns at short intervals are not objectionable, the short span trusses 
shown in Fig. 114(6) are used. When greater intervals without 



Floor 



Monifor optional 
.-T'T "^rT 



Fig. 116 



columns are required, a strut above the roof as shown in Fig. 114(c) 
may be substituted for the intermediate column. This may be con- 
tinued for two or three units, giving clear spans up to 100 ft where 
desirable. 

The monitor type rigid frame construction is indicated in Fig. 115(a). 
The rigid framing clears the overhead area of truss members and 
enables a better daylighting of the working areas to be attained. This 
type of framing may be extended and repeated for as many aisles 
as necessary. Figure 115(6) indicates a rigid frame three-aisle bent. 
This type of framing is not capable of easy expansion in the future as 
is the monitor type, and daylighting of the interior floor areas must 
be obtained by the use of skylights. 

In Fig. 116(a) the rigid frame construction incorporates a heavy 
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plate girder to form a second-floor area. In some industrial establish- 
ments this may be an ideal arrangement, the second floor being used 
as a pattern shop, mold loft, or for machining operations with the 
lower floor used for assembly. By the use of intermediate wall 
columns, the main transverse bents may be spaced up to 45 or 50 ft 
apart longitudinally. 




(o) (b) 
ngJJZ 

Beam and column work with semi-rigid connections is a very popu- 
lar form of framing for small industrial plants. (See Art. 102, Chapter 
XI.) Figure 116(6) shows this form with monitor optional. 

Figure 117 again indicates the sawtooth roof, this time as a rigid 
frame. This type of all welded frame permits clean interiors (see Fig. 




Fig. 118. " Whaleback" rigid frame design showing 40-foot aisles and 40-foot column 
spacing lengthwise for efficient straight-line production. 
(Designed and Constructed by the Austin Co.) 



118), a sufficient head room for the installation of high equipment, 
and an efficient utilization for daylighting. It is entirely practicable 
to space the transverse frames 40 to 45 ft apart. 
Figure 119 shows a comparison between typical three-aisle fram- 
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Fig. 119(6). New plant unit with monitor cross section for Modine Manufacturing 
Company, La Porte, Indiana, well-known manufacturers of unit heaters. 
(Designed and Constructed by the Austin Co.) 
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High Roof ij^yf 



Lonqifud'mal Framing 



Transverse Framin g 
F ig. IZO 

ing with monitor, built with transverse trusses and as a rigid or 
semi-rigid frame. 

The use of the monitor for 
light and ventilation assumes 
many forms, as a ridge roof 
with central longitudinal 
monitor, a flat roof with 
longitudinal monitor, a flat 
roof with transverse moni- 
tors, and a flat roof with a 
combination of longitudinal 
and transverse monitors. 
For buildings with a high 
aisle, the alternate high and 
low bay construction as 
shown in Fig. 120, with ver- 
tical sash installed above the 
low roof, may be used and 
thus reduce the overall 
height that would be re- 
quired by a longitudinal 
monitor. 
In the event that large 



I 



Fig. IZI 
Column Spacin g 

working areas need to be cleared of objectionable columns, the typical 
transverse framing must be modified. Figure 121 shows several possi- 
bilities. Figure 121 (a) shows two interior columns omitted from a 
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three-aisle building, with longitudinal trusses spanning over two normal 
bay lengths. Figure 121 (fe) shows how, by means of trusses, all 
interior columns may be eliminated. 
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Roof Plan 
Columns in outside wal/s only 



Figure 122 shows an arrangement for a hangar with two wide door 
openings and the interior entirely clear of columns. Figure 123 shows 
the same arrangement, but with sawtooth roof. 

Figure 124 is an interior view of a mill building with a large propor- 
tion of the side walls glazed. Figures 125 and 126 show the exterior 
and interior views of a modern aircraft factory. 

83. Bracing Systems. A building must have rigidity under lateral 
loading as well as the vertical loading. To stiffen the building to 
resist wind loads, as well as to minimize vibration caused by equip- 
ment, a system of diagonal bracing is installed in the upper and 
lower chord planes of the roof trusses and in the side and end walls of 
the building. Authorities differ as to how and where this bracing 
shall be placed in the structure. The transverse framing of the 
building, the truss and its supporting columns, is spoken of as the 
transverse bent. This should be designed to resist the lateral wind 
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forces brought to it by the exposed and contributing area of each bay. 
The transverse frame or bent must also be examined for lateral crane 
thrust. The transverse wind forces may otherwise be assumed to 
be carried by a horizontal truss system in the plane of the lower 
chord of the roof truss, with the columns and bracing in the end walls 
acting as abutments. 
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The longitudinal wind acting against the end wall of the building 
is resisted by the diagonal bracing in the planes of the chords, and 
the side bracing in the end bay. Other bays may and should be 
braced as an aid to erection and to prevent vibration. This latter 
factor is quite important where large wall areas are glazed, thus re- 
moving the stiffening effect of a more rigid wall covering. The mill 
building in Fig. 127 shows the typical arrangement of diagonal brac- 
ing. It is to be noted that an eave strut is used for the full length of 
the building. In practice this strut may be the eave purlin or a 
shallow Warren type truss. 

Where crane runway girders are present, knee braces tie these to 
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Fia. 125. Bell Aircraft Corporation. 
(Designed and built by the Austin Co.) 
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FiQ. 126. Bell Aircraft Corporation. 
(Designed and built by the Austin Co.) 

the columns, but bracing in tlie side walls of the intermediate bays 
is also needed to transfer to the foundations the forces set up by the 
starting and stopping of the crane. 
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The building frame shown in Fig. 127 will be used to illustrate the 
calculation of the forces acting on the bracing system due to a longi- 
tudinal wind acting against the end elevation. The wind will be 
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assumed to have an intensity of 20 lb per sq ft. This wind force 
must be distributed to the various bracing systems. Figure 128 
shows the usual assumptions of this distribution. In Fig. 128 the 

line AB is drawn bisecting the pitch 
angle ; all areas above the line contribute 
forces to the upper chord lateral system, 
and similarly the areas below contribute 
to the lower chord lateral system. The 
area marked 5 passes its wind force to 
the lower lateral system through the end 
wall column. The end column is de- 
signed as a simple beam supported at the 
truss and at its foundation, to resist the 
applied wind forces. The force on area 7 is assumed to be delivered 
to the top of the column at A, and the force on area 8 is taken directly 
into the side bracing of the end bay. Actually the distribution of the 
wind to the various structural elements is indeterminate. Using the 
above assumptions, the wind forces may be computed as follows: 




Pi =(10+7.5)19^X20 =1,750 lb 
P2= (7.5+2.5)2^^X20 =2,000 " 
P3 = MX2.5X10X20 = 250 " 
P4=(10+3)2f^X20 =3,640 " 

Figures 129 and 130 show these computed panel point loadings ap- 
plied to the lateral systems. The tops of the columns at the sides 
of the building form the reaction points. The total load is assumed 



P5 = 20X28X20 =11,200 lb 
Pg=i^X3Xl2X20= 360 " 
P7= 10X12X20 = 2,400 " 
P8= 12X20X20 = 4,800 " 



t>n Cols. 




>0n Cols. 



l/n per Chord Lateral System 

£igJZ3. 



Lower Chor d Lateral System 

£igJM 



to be equally divided among the four columns. The end struts for 
each system are the eave struts. The intermediate struts for the 
top lateral system, shown in Fig. 129, are the roof purlins. For the 
bottom lateral system shown in Fig. 130, double angle struts are 
used. The diagonals are assumed to take tension only. If diagonals 
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are used which have the required stiffness, the two diagonals in a 
panel may be assumed to share the shear equally, giving diagonal 
stresses equal to one-half those 
shown. The stresses would be 
compression for one diagonal 
and tension for the other. The 
chord stresses also would be 
modified. 

Figure 131 shows the analysis 
of the stresses in the bracing of 
the walls of the end bay. Ten- 
sion diagonals again have been 
assumed. It will be noted that 
the columns carry considerable 
stress, which may be a factor in the design of these end columns. The 
eave strut has been common to all three of the bracing systems dis- 
cussed and should accordingly be carefully examined. 

84. Design Problem. To illustrate the problems met in the design 
of factory buildings, one bay of a building with a cross section as 
shown in Fig. 132 will be designed. 

The data assumed are : 

Roof, built up composition on 2-in. matched sheeting. 
Side walls. No. 22 galvanized corrugated steel. 

Roof truss loads. 

Roofing 
Sheeting 
Purlins 
Trusses 
Snow 
Total 

Wind load on the walls 20 lb per sq ft. (See Art. 6.) 

One 40-ton crane is assumed to operate in the aisle with 25% impact 
and 20% lateral thrust. 

The longitudinal bay width is 25 ft center to center of trusses. 

The specifications of the American Institute of Steel Construction 
for the Design and Erection of Structural Steel for Buildings will be 
used. 

Before the roof trusses can be designed, the stresses in the members 
due to (1) roof loads, (2) crane thrust, and (3) wind loads must be 
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3 lb per sq ft 
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30 " " " " 

50 " " " " 



(See Art. 3.) 
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determined. The effect upon the trusses of wind and crane thrust will 
depend upon the column design, so we shall proceed with the design 
of the crane runway girders and columns first. 




Top of Rait 



eo.o'c. to c. ^ 

Fig. I 32 

85. Crane Runway. For this problem it is assumed that one 40-ton 
electric crane will be operated in the single aisle. The crane runways 
are girders spanning the distance between crane columns, 25 ft. The 
end trucks carrying the crane girders have two wheels spaced 12 ft, 
8 in. apart. The maximum wheel loads include the weight of the 
crane and accessories in addition to the maximum effect of the 40-ton 
rated load. This maximum is obtained with the crane trolley as close 
to the end trucks as practicable. A designer should always refer to 
the crane manufacturers for exact wheel concentrations and wheel 
spacings. 

A crane is a very much abused and often overloaded piece of equip- 
ment. In many cases a 100% overload is tolerated continually instead 
of installing adequate equipment. A readjustment of a load caused 
by the slipping of a chain or the crushing of a wood block may also 
cause severe impact loads. In runway design it is customary to specify 
a 25% impact factor. The starting and stopping of the crane or 
trolley may cause longitudinal and transverse forces which must be 
resisted by the structural frame. They may amount to as much as 
20% of the maximum wheel loadings for longitudinal effect and the 
same percentage of the rated loading for lateral effect. 

The runway girder may be made up of a channel and beam as shown 
in Fig. 144, or by placing the channel on top of the beam as shown in 
Fig. 135. This latter form is to be preferred since it avoids the 
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analysis of an unsymmetrical section when considering resistance to 
lateral forces. 

The runway girder is unsupported laterally from column to column, 
and the additional flange width given by using a channel assists in 
keeping the L/b ratio within reasonable limits. In addition to this 
the channel and the top flange of the beam will work together in re- 
sisting the lateral thrust of the crane, since it is usually assumed that 
the top flange material only is effective in resisting these lateral forces. 
The entire beam section works together in resisting the vertical loads, 
and the stress due to botli lateral and vertical loads must not exceed 
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Fig. 134 



the allowable. The design of the girder is normally a trial and error 
process. In the computations which follow a modified solution for 
the combined stresses is given as an aid in selecting the cross section. 
The following computations are self-explanatory. The maximum 
bending moment in the girder is obtained by adding the dead load 
moment at the center to the live load moment under the nearest 
wheel. This is a small error on the safe side and is sufficiently accurate. 

Figures 133 and 134 show the placement of the loads for maximum 
moment and for maximum shear, respectively. 



Estimated dead load 



Channel 45 lb per ft 

Beam 180 " " " 

Rail S5" " " 

Total 260 " " " 



Moment 



Live load 
Impact 25% 
Dead load 



160.0 X 9.33^ 
25.0 

0.260 X 25^ 



= 557.0 ft-kips 
= 139.2 " 
= 20.3 " 



Total = 716.5 
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Live load 
Impact 25% 

Dead load 



160.0 X 18.67 
25.0 

0.260 X 25 



119.5 kips 
29.9 " 
3.2 " 



Total = 152.6 " 
Lateral thrust due to rated loading = ^"^ X 40 X 2.0 

= 8.0 kips per wheel 
16.0 X 9 33^ 

Ml = maximum lateral moment = — '- = 55.7 ft-kips 

25 

Figure 135 shows the cross section of the runway girder. 




Fig. 135 
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Flange cf Beam 



To assist in the trial and error solution which must take into ac 
count the combined fiber stresses at A, Fig. 136, the following approxi 
mate formulas have been developed. 



For vertical loading, s = 



Mc 



Calling the effective depth and the over all depths the same, 
c = ^ — e for extreme compression fiber. 

^1 



Let Ac 
Ab 
1b 



= area of the channel, 
= area of the beam, 

= moment of inertia of the beam about axis X-X. 
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Then 

VzdAc , dXAB 

e = and c = — -— — ; — - — r 

Ac + Ab 2(^0 + Ab) 

. 2 , . n.. lBiAc + AB)+A,AB(y2fi? 
I = Ib+ Abb^ + Ac{y2d - ef = A, + Ab 

o, = — = • (approximate) LI) 

AciVldf + Ib 

Far lateral loading, Fig. 136 shows the assumed effective cross section. 

A,f 



Iy = Ic + If = Ic + 



sa = 



12 



[2] 



Iy 

Trial design 

36" WF 182# + 15" Chan. 45# 
Ac = 13.17 in.2 Ic = 374 in.* Ab = 53.54 in.^ 7^ = 11,282 in.'' 

h = ?!_>^ = 20 
b 15 

22,500 . 
Allowed bending unit stress = j^— = 1»,410 psi 

^ 18006^ 

Approximate fiber stress at A, 

716,550 X 12 X 18 

Due to vertical load, sa = 11 282 X 66 71 

13.17 X 18 X 18 + ' ^ ^, 
53.54 

= 8450 psi 

14.24(12.07)2 ^ 
7^ = 374 + \- = 546.9 in.* 

55,700 X 12 X 7.5 . 
Due to lateral loading, sa = = 9170 psi 

Maximum fiber stress at A = 8,450 + 9,170 = 17,620 psi 
This is about 800 lb per sq in. below the allowed. 
By exact analysis, e = 3.55 in. 7 = 14,713 in.'* c = 15.23 in. 
From vertical loads, sa = 8,890 
From lateral loads, sa = 9,170 

Total = 18,060 psi. Satisfactory. 
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The tensile stress in the bottom flange due to vertical loading is 
716,550 X 12 X 21.71 



14,713 



= 12,690 psi 



It is to be noted that in calculating this fiber stress in the tension 
flange the gross moment of inertia has been used. This is permissible 
because there are no rivet holes in the bottom flange. Even if cover 
plates were riveted to the bottom flange, the American Institute of Steel 
Construction specifications (Section 20) permit the use of the gross 
moment of inertia. Many designers do not agree with this procedure 
and use the moment of inertia of the net section in calculating stresses in 
the tension flange. 

Flange Riveting. The channel must be secured to the top flange of the 
beam with enough rivets to transmit the horizontal shear at the point. 

VQ 

The horizontal shear per inch = -y- 

in which 

V = maximum vertical shear = 152.6 kips, 

Q = statical moment of the area of the channel about 

the neutral axis = 13.17 X (17.99 - 3.55) = 190 in.'', 

I = moment of inertia = 14,713 in."* 

152,600 X 190 „ „ 
Horizontal shear per mch = Tp^T^ = l^'O lb 

Using J^-in. rivets, the single shear value of a rivet is 9020 lb. 

9020 

Required rivet pitch at the end of the girder = = 4.6 in., staggered. 



End Stiffeners. Stiffeners are required 
over the bearing of the girder on the 

1^ """\ crane column. (See Fig. 137.) The 

allowed bearing unit stress of the out- 



£jgj3j_ standing leg of the stiffener angle on the 

flange is 27,000 lb per sq in. 

„ . , , . 152,600 

Required bearing area = = 5.65 sq m. 

Assuming the usable portion of the outstanding leg to be 4 in., the 

5.65 

required angle thickness = r = 0.71 in. Try 2k 5 in. X 33^2 in. X 

2X4 



DESIGN OF CRANE COLUMNS 



179 



% in. As a column, the unit stress on the two stiff eners should not 

exceed 20,000 lb per sq in. 

Column capacity = 2 X 5.81 X 20,000 = 232,400 lb. Sufficient. 

The number of %-m. rivets required to secure the stiffeners to the web = 
152,600 



18,040 



= 9 rivets in double shear. 



86. Design of Crane Columns. The columns carrying the crane 
runway girders and the roof columns will be designed independently, 
although they are connected at intervals by diaphragms. (See Fig. 
144.) The loads on the crane column are 



Dead load = 0.260 X 25 = 6,500 lb 

Live load (see Fig. 134) = 119,500 " 

Impact = 25% = 29,900 " 

Total = 155,900 " 

Assuming the live load to be applied 
6.5 in. from the center of the column 
(see Fig. 138), the bending moment on 
the column is 

149,400 X 6.5 = 971,000 in.-lb 



y — 



r 

Fi g. 138 



The column length is 24 ft, 6 in. (see 
Fig. 132), and the column will be con- 
sidered to be unsupported about the X-X axis for its full height. 
The diaphragms connecting it to the roof column (see Fig. 144) will be 
spaced to make the L/r ratio about the Y-Y axis not greater than that 
about the X-X axis. 

Try a 14" H 68# Area = 20.00 sq in. r = 6.02 in. 
L 24.5 X 12 

~ = — TT;^ — = 49 Allowed unit stress = 15,840 psi 
r 6.02 ' ^ 

From the specifications. Art. 6(a), 

fa.fb ^ 

Fa Fb~ 

in which 

Fa = axial unit stress that would be permitted if axial stress 
only existed, 

Fb = bending unit stress that would be permitted if bending 
stress only existed, 
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/a = actual axial unit stress = D/A 

fb = actual bending unit stress = Mc/I. 

From this the required area of the member is 

D Mc 

Then 

155,900 . 971,000 X 7.03 



+ 2f 

r fb 



^ 15,840 ^ (6.02)^ X 20,000 



9.85 + 9.43 = 19.28 sq in. 



The section chosen is satisfactory. 

Spacing of Diaphragms. The radius of gyration about the Y-Y axis 
is 2.46 in. The unsupported length between the diaphragms must not 
exceed 49 X 2.46 = 120 in., or 10 ft. Two intermediate diaphragms 
should be used, dividing the column height into three approximately 
equal parts. 



yfr- 




Windward 
Column 

Moment Diagrams 



£igJ39 



87. Roof Columns. Wind Load. The roof columns must carry 
the vertical loads from the roof, the lateral loads due to wind, and the 
lateral thrust from the crane. 

The wind load is 20 lb per sq ft of wall surface (Art. 6), which is 
considered to be uniformly distributed to the windward column by 
the wall girts as shown in Fig. 139. 

The degree of fixity of the columns at their bases is indeterminate. 
It certainly lies somewhere between a fixed end and a hinged end. 
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As a basis for judgment in selecting a safe design, the stresses in the 
columns will be worked out for both conditions. Figures 139 and 140 
show the loads and reactions for the two cases. 

The reactions for the two cases may be found by the methods of 
Chapter VI, using (1) integration of the elastic lines, (2) area moments. 
(3) the slope deflection method, or (4) by the Cross method. 

When the columns are considered to be hinged at the base as shown 
in Fig. 139, there are four unknowns. They are found by setting the 
deflections of the two columns at Ri and Q equal to each other, and 
by the three equations of statics. 

The deflections of the columns may be found by integrating the 
equations of the elastic lines. 

Leeward Column. Origin at L. x measured along the column. 

When X < a, 

El'i^^^M^Hx [3] 

Ely = %Hx^ + Cix + (C2 = 0) [5] 

When x = 0, y = Q, and C2 = 0. 
When X > a, 

EI^, = Hx-Qix-a) [6] 

EI = y2Hx^ - QiV^x^ - ox) + (73 [7] 
Ely = HHx^ - Q{y^^ - lAax^) + C^x + C4 [8] 

When a; = a, from [4] = ^ from [7]. 
dx dx 

Ci = ViQa'' + C3 [9] 

Whenx = 0, y from [5] = y from [8]. 

Ci = HQa' + C3 + rio] 
a ' 

Subtracting [9] from [10], 

= VeQa^ [11] 
In equation [8], when x = a and when x = c,y = A. Equating these 
= HQic^ - 2ac - 2a2) - ^^(c^ + ac + a') [12] 
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When X = a, equation [8] becomes 

EI A = VeQaic - af - %Hac{c + a) [13] 
Windward Column. Origin at L'. 
When X < a, 

El'^, = M = H'.-'^ [14] 

Ei^l^y^H'x^-^^C, [15] 
dx D 

Ely = HH'x^ -~ + Csx + C<s [16] 

When x>a, 

EIp, = H'x-'f-Q'(x-a) [17] 
dx^ 2 

£j ^ = y^H'x' Q'mx' - ax) + C, [18] 

dx o 

Ely = KH'^' - ^ " ^'^^"^^ ~ ^""^'^ + ^'"^ + ^^'^^ 

When X = a, J from [15] = ^ from [18]. 

cix ct^ 

Cs = VzQ'a' + Cj [20] 
When X = a, y from [16] = y from [19]. 

Cs = %Q'a' + C7 + [21] 
a 

Subtracting [20] from [21], 

Cs = VM [22] 



In equation [19], when x = a and when x = c, y = A. Equating 
these, 

C, = ^(c + a) (c^ + a') - HH' (c^ + ac + a^) 

+ - 2ac - 2a2) [23] 

When X = a, equation [19] becomes 

i//A = — (c2 + ac + a^) + - a)^ - %H'ac{c + a) [24] , 

24 ! 
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Equating the values of A from [13] and [24], 
Qa(c - a)2 - Hac{c + a) - Q'a(c - a)^ + H'ac(c + a) 



wac 



(c^ + etc + a^) [25] 



By moments at U, He — Q(c — a) =0 
By moments at U', H'c — Q' {c — a) 



wc 



^Horiz. comp. = 0, H + H' = wc 
The values of the constants from Fig. 132 are 

a = 36.0 ft c = 44.5 ft w = 500 lb per ft 
Solving the four equations [25], [26], [27] and [28] simultaneously, 
H = 7.55 kips Q = 39.52 kips 

H' = 14.70 kips Q' = 18.71 kips 

By moments about the base of the windward column, 



[27] 
128] 



V = 



r = — 

26 



8250 lb 



From these the moment diagrams may be drawn as shown in Fig. 139. 




Leeward 
Column 
Moment Diagrams 
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When the columns are considered to be^xed at the base as shown in 
Fig. 140, there are six unknowns. These are found by setting the 
deflections of the columns at Kj, R[, Q, and Q' equal to each other. 
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and the tangents to the elastic hnes vertical at the bases, together with 
the three equations of statics. From the deflection equations, 

2 

Ha - 3M2 - H'a + 3^2= -~ [29] 

4 

H{(? + ac + a2) - Q(c - af - ZM^ic + a) = 0 [30] 
H'{,^ + ac + a^) -Q'{c-aY 

- 3M^(c + a) =-{<? + a2) (c + o) [31] 

By moments at f/, He - Q{,c - a) ~ = Q [32] 

By moments at U' , H'c - Q' {c - a) - = — [33] 

i:Horiz. comp. = 0 H + = [34] 

Substituting the values of the constants and solving the six equations 
simultaneously, 

H = 6.38 kips Mg = 123.2 ft-kips Q = 18.91 kips 
H' = 15.87 kips M2 = 183.1 ft-kips Q' = 3.31 kips 

By moments about the base of the windward column, 

F=-F' = -'-Ml±^ = 31501b 
26 h 

From these the moment diagrams may be drawn as shown in Fig. 140. 

From the moments shown in Figs. 139 and 140 it is evident that 
the maximum bending moment on any column cannot exceed 271.8 
ft-kips. There is no doubt that the bases of the columns exert con- 
siderable restraint, and it is probably safe to use the mean between 
the two moment curves. The maximum positive moment in the wind- 
ward column would then be about 142.4 ft-kips at a point about 6 ft 
below the bottom chord of the truss and the negative moment 91.6 
ft-kips at the base. 

For the leeward column the maximum positive moment at the bottom 
chord of the truss would be 189.1 ft-kips, and the negative moment 
at the base, 61.6 ft-kips. The vertical load on the leeward column 
due to wind would be about 5.7 kips. 

88. Roof Columns. Crane Thrust. The lateral thrust caused by 
stopping the crane trolley when traveling in a transverse direction is 
taken as 20% of the rated loading. This is divided between the two 
crane wheels spaced 12 ft, 8 in. apart, as shown in Fig. 134, 8,000 lb 
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per wheel. This gives a total horizontal force at the column of 12,000 
lb. This force must be assumed to be applied in 
either direction, all at one column, as shown in 
Fig. 141. 

While the crane column is attached to the roof column, 
it will not be considered as adding to the lateral strength 
of the roof column. Here again the degree of fixity of 
the column bases is indeterminate and the reactions and 
bending moments will be worked out for both hinged 
and fixed ends. Figures 142 and 143 show the loads p.. 
and reactions for the two cases. — — ' 

When the columns are considered hinged at the bases as shown in 
Fig. 142, there are four unknowns, as there were for wind under the 
same conditions. From deflections, 

Qa{c - af - Hac{c + a) - Q'aifi - af + H'ac{c + o) 

= Pacic + a) ~ PdiSac - d^) 
By moments at U, He — Q(c — a) = 0 
By moments at U', H'e - Q' {c - a) = P(c - d) 
EHoriz. comp. = 0 H + H' = P 



[35] 
[36] 
[37] 
[38] 
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Substituting the values of the constants from Fig. 141, and solving 
these equations simultaneously, 

E = 5.17 kips Q = 27.07 kips E' = 6.83 kips Q' = 9.62 kips 
V = -Y' = 5.2 kips 



From these the moment diagrams are constructed as shown in Fig. 142. 



186 



INDUSTRIAL BUILDINGS 



When the columns are considered to he fixed at the bases, as shown in 
Fig. 143, the equations involving the six unknowns are: 
From deflections, 

P{a- df 



Ha - 3M2 - H'a + 3M^ = 
Hic^ + ac + a^) - 3M2(c + a) - Q{c - a)^ = 0 
H'(c2 + ac + a^) - 3M;(c + a) - Q\c - 

= P{a^ + ac+ c2) - 3Pd(,c + a - d) 

By moments atU, He - Q{c - a) ~ M2 = 0 
By moments at U', H'c - Q' (c - a) - M'2 = P{c - d) 
EHoriz. comp. =0 H + H' = P 



[39] 
[40] 

[41] 
[42] 
[43] 
[44] 
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Putting in the values of the constants and solving the equations 
simultaneously, 

H = 4.38 kips M2 = 84.59 ft-kips Q = 12.98 kips 
H' = 7.62 kips M2 = 122.95 ft-kips Q' = -0.68 kips 
7 = -F' = 1.74 kips 

From these the moment diagrams are constructed as shown in Fig. 143. 

From the moments shown in Figs. 142 and 143 it is evident that 
the maximum bending moment in the columns cannot exceed 186.1 
ft-kips. If the mean between the two moment curves for the left-hand 
column is taken, the maximum positive moment would be about 1264 
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ft-kips at the crane girder, and the negative moment 
at the base 61.4 ft-kips. 

For the right-hand column the maximum positive 
moment at the bottom chord of the truss would be 
129.6 ft-kips, and the negative moment at the base, 
42.3 ft-kips. The vertical load on a column due to 
crane thrust would be about 3.5 kips. 

89. Design of Roof Columns. The columns 
will be assumed to be unsupported from the bot- 
tom chord of the truss to the base in the trans- 
verse direction, but in the longitudinal direction a 
continuous strut will be placed 18 ft above the 
base, which will reduce the unsupported length in 
that direction to 18 ft. 

The columns will first be proportioned for dead and 
live loads. The direct roof load to be carried is 
37,520 lb (see Fig. 146). To this will be added the 
direct load due to crane thrust, 3500 lb, and the crane 
thrust moment of 129,600 ft-lb. This moment occurs 
at the bottom chord of the truss where the column is 
supported in both directions, but the moment in the 
other column at the crane girder is nearly as 
large, and at this point the column is unsupported 
in a transverse direction. 




II9JM. 



Tiy a 14" U 84# Area = 24.71 sq in. rx = 6. 13 in. ry = 3.02 in. 
[^Section modulus = 130.9 in.^ 
L _ 18 X 12 
r ~ 3.02 



71.5 Allowed unit stress = 14,520 psi 



Following the same procedure used in Art. 86, 
129,600 X 2 



41,020 
A = rT^_ + 



2.82 + 20.69 = 23.51 sq in. 



14,520 ' (6.13)2 X 20,000 

This is satisfactory. 

This section must now be investigated for wind stress. It is assumed 
that the maximum crane thrust will not occur at the same time as the 
maximum wind. 

Direct load = 37,520 + 5700 = 43,220 lb 
Wind bending = 189, 100 ft-lb 
Allowed column unit stress = 1>^ X 14,520 = 19,360 psi 
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Allowed bending unit stress = X 20,000 = 26,670 psi 

43,220 189,100 X 12 
Reqd. area = + (g.ig). x 26,670 

= 2.23 + 22.64 = 24.87 sq in. 

Because of wind, the column section must be increased to 14" H 87#. 

Area = 25.56 sq in. 

Figure 145 shows alternate designs for a combined roof and crane 
column. This type is not so desirable as the type just designed be- 
cause of the sharp change in section at the seat for the runway girders, 
and because of the highly indeterminate eccentricities of the loads. 



I Base PI. 



F /a 145 

90. Design of Roof Trusses. Based on the roof load of 50 lb per 
sq ft given in Art. 84, the panel load on the truss is 

7.5 X 25 X 50 = 9380 lb 

Considering the truss as simply supported at the ends, the stress dia- 
gram for vertical loads is drawn as shown in Fig. 146. 
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The forces due to lateral loads, exerted by the columns on the truss, 
are represented by Ri, B'i, Q, Q', V, and V'. The values for these were 
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One half Diagram 
Verfical Loads 

calculated in Arts. 87 and 88. Using the values for which the columns 
were designed, they are: 

For crane thrust, 

El = 15.25 kips R[ = 9.25 kips Q = 20.03 kips Q' = 4.47 kips 
V = -F' = 3.5 kips 
For wind, 

Bi = 22.61 kips R\ = 17.98 kips Q = 29.58 kips Q' = 11.01 kips 
y = - V' = 5.75 kips 
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Lateral Loads 

£i9J£L 

The stress diagram for wind is shown in Fig. 147. That for crane thrust 
is similar. The following table gives the values of the stresses in the 
members, in kips, for the several loadings: 
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Member 


Vertical 


Crane 


Vertical + 


Wind 


D. L. 


Load 


Thrust 


Crane 


Load 


Alone 


UU^. 


43 


5(c) 


5.5(c) 


49 


0(c) 


9 


0(c) 


17.4(c) 








5.1(0 






8 


5(0 






27 


7{t) 


5.0(0 


32 


7(0 


8 


2(0 


11.1(0 








4.8(c) 






7 


8(c) 




L2U3 


15 


0(c) 


5.0(c) 


20 


0(c) 


8 


2(c) 


6.0(c) 








4 7(t) 






7 


8(0 




VzU 


2 


5(0 


4.5(0 


7 


0(0 


7 


6(0 


1.0(0 








4 3Cc"l 






7 


0(c) 




UiLt 


9 


4(c) 


0 


9 


4(c) 


0 




0 


UiLi 


3 


5(c) 


0.5(c) 


4 


0(c) 


0 


4(c) 


1.4(c) 


L0L2 


28 


0(t) 


1.3(0 


29 


3(0 


5 


5(0 


11.2(0 








16.4(c) 


5 


2(c) 


23 


8(c) 




LiLi 


55 


0(0 


0(0 


55 


0(0 


0 


(0 


22.0(0 








10.0(c) 






13 


2(c) 




UoUi 


0 




9.3(c) 


9 


3(c) 


17 


9(c) 


0 








15.5(0 


15 


5(0 


22 


0(0 




U1U3 


46 


0(c) 


2.8(c) 


48 


8(c) 


7 


5(c) 


18.4(c) 








8.6(0 






11 


6(0 






56 


5(c) 


0(c) 


56 


5(c) 


0 


(c) 


22.6(c) 








2.4(0 






1 


6(0 





In our design it is assumed as improbable that the maximum crane 
thrust would occur at the same time as the maximum wind. The 
specifications permit an increase of one-third in the unit stresses when 
wind is combined with other loads; therefore, if the wind stress in 
any member is less than one-third the sum of the dead and live load 
stresses, the wind may be disregarded. It is seen from the stress table 
that, for this building, the wind will need to be considered in only a 
few members. 

Design of Truss Members. The tension members will be designed 
first. All members will be composed of two angles back to back. 
Although the elastic stability of a tension member is not in doubt, it 
is considered good practice to limit the L/r ratio of unsupported length 
to least radius of gyration, to a maximum value of 200. All gusset 
plates will be assumed to be % in. thick, thus making the distance 
back to back of angles % in. 

When selecting tension members it is necessary to deduct the rivet 
holes from the cross section in order to obtain the effective net area 
of the member. The number of holes to deduct at the critical sec- 
tion will depend upon the make up of the member, the arrangement 
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of details, spacing of rivets, and the splicing adopted. In the two- 
angle type of member it is usually possible to detail all joints so that 
not more than one hole per angle need be deducted. Lateral plates 
for connecting the bottom lateral system to the lower chords are 
usually attached to the outstanding legs of the chord angles. If de- 
tailed properly, the one-hole deduction from each angle may be 
maintained. 

For the lower chord the same section will be used throughout the 
truss. The maximum stress is 55,000 lb, and the allowed unit stress 
on the net section is 20,000 lb per sq in. 

. , 55,000 

JNet area required = = 2.75 sq in. 

20,000 

Use 2 Is 4 in. X 3 in. X M in. 

Area = 2 X 1.69 - 2 X % X M = 2.94 sq in. 

%-m. rivets are assumed. Least radius of gyration is 1.28 (4-in. legs 
vertical). 

L 7.5 X 12 



r 1.28 



= 70 



From the stress table it will be noticed that for L0L2 there is a reversal 
of stress of 23.8 — 11.2 = 12.6(c) when the wind is considered. The 
allowed unit compressive stress on the member just designed is 
IH X 14,625 = 19,500 lb per sq in. The capacity of the member is 
19.5 X 3.38 = 65.9 kips, which is adequate. 

Diagonal U1L2 

32 700 

Net area required = 2q'qqq ^ 1-64 sq in. 

Use 2 Is 21/^ in. X 2 in. X 34 in. 

Area = 2 X 1.06 - 2 X % X M = L68 sq in. net 
Least radius of gyration is 0.78 in. (23^-in. legs vertical). 
L 11.62 X 12 



r 0.78 



= 179 



Diagonal U3L4. Smaller angles than 2}/^ in. X 2 in. X 34 in. will not 
be used. The tension in U3L4 is less than that for [/1L2 just designed, 
but there is a reversal of stress due to wind of 7.0 — 1.0 = 6.0 kips (c). 

12 2 X 12 

For 2 Is 23^ in. X 2 in. X M in., L/r = —tzz — = 188. The allowed 

0.78 
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compressive unit stress is 1% X 6070 = 8090 lb per sq in. The capac- 
ity of the member is 8.09 X 2.12 = 17.1 kips, which is adequate. 

Compression Members. According to the specifications the allowed 
unit stress in compression is 17,000 — 0.485(L/r)^ for values of L/r less 
than 120. For main compression members the value of L/r must not 
exceed 120. 

For the top chord the same section will be used throughout. The maxi- 
mum stress is 56,500 lb. Assuming that the purlins support the chord 
laterally at every panel point, the unsupported length is 7.51 ft. In 
many instances the type of roof covering or longer panel lengths may 
require intermediate purlins resting directly on the chord. In that case 
the chord must be designed for bending as well as the direct compression. 

Estimating that L/r will be about 80 for a trial value, the allowed unit 
stress will be about 13,900 lb per sq in. and the approximate required 
56,500 

area = ' = 4.06 sq in. Try 2 k 4 in. X 3 in. X Vi6 in. 

Area = 4.18 sq in. Least r = 1.27 in. (4-in. legs vert.) 
L 7.51 X 12 

— = — — = 71 Allowed unit stress = 14,550 psi 

r 1.27 

56,500 

Actual required area = = 3.88 sq in. (The size chosen is safe.) 

14,550 

Diagonal LqUi. 

Maximum stress = 49,000 lb compression 

Length = 11.62 ft 

11.62 X 12 
Least allowable r = • — — = 1.16 m. 

Try 2 k 4 in. X 3 in. X % in. 

Least r = 1.26 in. Area = 4.96 sq in. 
L 11.62 X 12 



r 1.26 



111 Allowed unit stress = 11,025 psi 



49,000 . , , 

Required area = = 4.45 sq m. (The member is sale.) 

11,025 

Diagonal L2U3. % 

Maximum stress = 20,000 lb compression 
Length = 12.2 ft 

12.2 X 12 

Least allowable r = = 1.22 m. 

120 
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Use 2 Is 4 in. X 3 in. X M in. 

Least r = 1.28 in. Area = 3.38 sq in. 
Safe capacity = 3.38 X 10,590 = 35,600 lb, which is adequate 

Compression Verticals. 

Maximum stress = 9380 lb compression 
9.25 X 12 

Least allowed r = ~ = 0.92 in. 

120 

Try 2 k 3 in. X 2}^ in. X M in. 

Least r = 0.95 in. (3-in. legs together) Area = 2.62 sq in. 
L 9.25 X 12 

10,360 psi 



= 117 Allowed unit stress 



r 0.95 
Safe capacity = 2.62 X 10,360 



27,140 lb (adequate) 



The other verticals do not carry a computed stress and will be made 

of 2ls 2H in. X 2 in. X M in. 

91. Structural Details. Figure 144 indicates the column and base 
details for riveted construction. The girder design of Art. 85 differs 
from Fig. 144 in that the channel on the crane girder was used on the 
top of the girder rather than as shown. The column diaphragms are 
usually made of ^e-in. plate. They might be sections of I-beams 




(<^) 
Welded 




Fi g. 148 



properly shimmed to fit into the required space. Figure 145 shows 
details that may be used for an all-welded design. This figure con- 
trasts the details of riveted and welded step-back columns. This 
type of column eliminates the diaphragms of the other column type, 
but adds to the complexity of design, since the lower column section 
is subject to large bending moments. The line of action of the crane 
girder load and the load from the roof transferred through the upper 
column section are eccentric with respect to the lower column section. 




(a) 

Riveted Welded 
Fig. 149 
Truss to Column Connections 




(a) 

field Bolted 




of Is optional 

Cb) 

Field Welded 

FigdM. 
Ty pical Purlin Connections 



I 
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Figure 148 shows a detail that can be used to support light crane 
loadings. A welded and a riveted bracket are shown. Note that 
there will be tension on the column to bracket rivets of the riveted 
design. The column will be subject to bending moment, depending 
upon the amount and eccentricity of the applied load. 



(cr) 

Transverse framing with rigidly framed monitors 




Detail at corner 1 and 2 

\P/afeSf we/cf 



■Fie/t/ Bolts 
■Seal 



Plates- 
weld 



if 



^Plate 



■Field Bolts 



(C) (d) 

Detail at Joint 3 Alternate Detail at Joint 3 

Fig. 151 

Welded Frame and T y pical Details 

Figure 149(a) shows the details for framing a riveted truss to the 
column, and Fig. 149(6) shows details for a similar connection in an 
all-welded design. It is to be noted that the welded design does not 
need large gusset plates. The chords of the welded design are shown 
as T sections. These are usually obtained by splitting a wide-flanged 
I-beam. 

Figures 150(a) and (6) indicate typical purlin to chord connec- 
tions. Sag rods are shown. They are usually %-in. round rods, 
spaced 6 ft to 10 ft apart. 

Figures 151 and 152 show typical details of welded rigid frames 
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which utilize standard sections to their best advantage. A complete 
welded assembly is limited to the size that may be readily shipped 
and handled on the job. Due consideration must be given to the 
erection scheme by providing temporary bolted connections. Several 
alternate arrangements for field splices are suggested in Fig. 152. It 




Fi g. 152 

Ty pical Defails With S/o pin a Rafters 
" Welded Design " 



is to be noted that a radial stiffener is provided at the curved knees 
in Fig. 152 (b). This gives stability to the compression flange, 
preventing buckling of the outstanding legs of the flange. In large 
knees more than one pair of these stiffener plates should be provided. 
A good way to locate these stiffeners is to make a celluloid model of 
the knee, first loading it without stiffeners and noting where the first 
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TYPICAL COLUMN BASES 



Field Bolts 



Shop Welds 



To avoid turning Col 



p m 




Shop Welds 



Columns punched Columns not punched 

Base Plates Shipped Separate 



Base Welded to Column at Shop 




CRANE COLUMN BASES 



Shop Welds ^ 



r 

A 



^Field Welds 



Field Welds 



7 



/Plate 
^Angle 

~i 
A 



Shop Welds 



Section A-A 



Field 
TSl Welds 



II 



Erection 
Bolts 

^Shop 
Welds 



/Mill. 



TYPICAL COLUMN SPLICES 

Erection Bolts 

Field Weld 



Not less than 3g" fillets 





Columns of Same Depth Only 



T Section B-B 
Shop Welds 

Buttplate designed for To provide erection clearance for beams, 
bending-Min. Js" thk. this connection generally reversed. 
Preferred Splice (No holes in main material) 



Plate - 

Slotted piate\J 
or two bars jZA 



CRANE COLUMN SPLICE 

(7 Slotted h oles 



Plate on Col 
Separate 15- 
on each Girder 



Erection Bolts 



Section E-E 




F.W. 



Unless marked F.W. all 
welds are shop welds 



Section D-D 



Courtesy Bethlehem Steel Company-Fabricated Steel Construction 

Fig. 153. 



198 



INDUSTRIAL BUILDINGS 



TYPICAL DETAILS 



TRUSS DETAILS 



^Erection Bolts 
F.W. 




Bottom Chord Splice 



A^o^"^^ B 

"H/Butt Weld-Field 

Hanger forms fields 
spice this side^ 




Filler Jj" short of L leg spaced 
similar to riveted design 



4 



Splice plate 

Sect. B-B 

















Split Beam 4 







Typical Joint. 



Peak Joint-Purlins on Top. 




Peak Joint-Framed Ridge Strut. 



Typical Joint-Heavy Truss. 



Slots are located to balance eccentricities 
produced by other welds, whose proportions 
are determined by the arrangement of the 
members. 



Courtesy Bethlehem Steel Company— Fabricated Steel .Conetruction 

Fig. 754. 
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buckling occurs ; then placing a stiff ener at that point and continuing 
the loading until a second buckling occurs; and placing a second 
stiffener at that point, continuing this until all stiffeners are located. 
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TYPICAL DETAILS OF CRANE COLUMN SPLICES 




It. on Col. 



Sl ottttt hei 

L — (• U l ( ( — L 



let i« Anjitt 



Separate \j 
on each girder' 



T7 

Slotled PlaU 
or two bars 




SECTION E-E 

SECTION D-0 

Courtesy of American Institute of Steel Construction. 

Fig. 755. 

Figures 153 and 154 indicate other typical details for welded design. 
They have been furnished through the courtesy of the Bethlehem Steel 
Company. 



CHAPTER XI 
WELDED DESIGN 

Structural welding has increased in importance and usage during 
the last decade, and it is recognized that welding will prove to be 
more economical than riveted construction in many instances. The 
economy of welded design often would be more clearly indicated if 
the structural engineer would depart from his practice of adopting 
conventional riveted details and section makeup for his welded de- 
sign. Welding permits the exercise of a great deal of ingenuity in 
the development of details. Certain advantages of welding over rivet- 
ing are quite evident, such as the preservation of the cross-sectional 
area of tension members, simplification of details, and the develop- 
ment of continuity. 

92. Types of Welds. In electric arc welding the electrodes or rods 
should conform to the requirements of the American Welding Society 
Specifications for Iron and Steel Arc Welding Electrodes. These rods 
are usually specified by classification numbers and should be suitable 
for the positions in which they are used. They are usually spoken of 
as coated rods. The merits of the coated rod over the bare rod are 
well known.* 

The permissible unit stresses for welds made from the approved type 
of filler metal are: 

Shear on section through throat of fillet weld, or 

on faying surface area of filled plug or slot weld = 13,600 psi 

Tension on section through throat of butt weld = 16,000 psi 

Compression on section through throat of butt weld = 20,000 psi 

Shear on section through throat of butt weld = 13,000 psi 

Figures 156(a) and (6) indicate the fillet weld in two forms, the 
isosceles type. Fig. 156(a), being the commoner. The strength of 
both welds in shear depends upon the area of the throat section. In 
fillet welds the size of the weld D is usually measured to the nearest 

*See Section 3(d) of the tentative specification of the American Institute of 
Steel Construction. "Specification for the Design, Fabrication and Erection of 
Structural Steel for Buildings by Arc and Gas Welding," January, 1942. 
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YiG in. The strength of a fillet weld in shear is usually spoken of 
as so many pounds per lineal inch of weld and is arrived at as follows. 
The area of the throat cross section per lineal inch is 0.707 X D, and for 
a coated electrode the allowable shearing strength per lineal inch is 
0.707 X D X 13,600 = 9600 X D. A designer commonly remembers 
this as being 1200 lb per lineal in. for every Ys in. of the leg of the 
weld. 



r 



•0\ 



(a) 



Reinforcement 





~A \— Variable 

(c) 

Single Bevel Buff weld 



The strength of a butt weld is also based upon the throat dimension, 
T>, Fig. 156(c). The allowable unit stress in tension or compression 
is applied to the effective throat area. 

A type of weld receiving an increasing use is the plug weld. As its 
name implies, it is a plug of weld metal placed in a punched or drilled 
hole. The effective area of the weld is the contact area, the area of 
the hole. In effect, then, the plug weld acts as a rivet in single shear. 

93. Minimum Welds. Welds are often used to connect material 
when no stress computations are involved. If the weld size with respect 
to the thickness of the welded material is too small, the welds may 
crack due to the rapid cooling effect of the adjacent material. Good 
practice has established the minimum weld sizes for different thicknesses 
of material. They are given in the following table : * 

Size oj Fillet Weld, Maximum Thickness of Part, 

Inches Inches 

He 

Me IM 
% 2 
n 6 

% Over 6 

According to Section 18 (d) of the A.I.S.C. Tentative 1942 Speci- 
fications: 



*See Section 18(c), A.I.S.C. Tentative Specifications, 1942. 
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The maximum nominal size of fillet weld supplied to a nominally 
square edge of a plate or section shall be Vie inch less than the nominal 
thickness of the edge, and the nominal size of fillet weld used along 
the toe of an angle or the rounded edge of a flange shall not exceed three- 
fourths the nominal thickness of the angle leg or three-fourths the nominal 
edge thickness of the flange; except that when required by the design con- 
ditions and specially designated on the drawings, fillet welds equal in size to 
the edge of a plate or rolled section may be used, provided that the weld is 
built out in such a manner as to insure full throat thickness, full fusion area, 
and no injury to the base metal that will reduce its thickness adjacent to the 
weld. 

Intermittent welds are often used, but the minimum length of each 
weld should be at least four times the weld size, with a minimum of 
lYz in. The welder will normally allow an additional length sufficient 
to allow for craters. If the spacing of the intermittent welds is not 
too great, a welder may be able to hold the arc by skipping from 
weld to weld. 

A common fault of designers is to specify a weld size that may be too 
large for the thickness of the flange of beams or angles. It is advisable 
that the mill catalogs be referred to in selecting the sizes to be used. 

94. Economy in Welding.* In general, it is difficult to state whether 
riveting or welding will prove to be more economical, but many of the 
minor details of a riveted structure may be shop-welded to advantage. 
In the opinion of those closely connected with the fabricating fields 
generally, shop-riveted, field-welded, or shop-welded, field-riveted 
structures are not economical since neither process is used to its best 
advantage. Shop riveting as stated before may be combined with shop 
welding to some advantage, but usually the combination of field weld- 
ing and field riveting is not advantageous. 

One of the first considerations in the selection of details is the elimi- 
nation of shop operations. When it is practicable, holes should be 
eliminated in the main material ; however, if holes must be used in a 
member, welding should be avoided for that member. The details 
usually can be arranged so that some pieces are plain for field welding, 
others punched to receive temporary field bolts before field welding. 
The detail material going on to a main member may require holes 
with a final shop welding operation of the detail to the member. 

For beam and column work it will be economical to shop-weld all 
the details to the columns and punch holes in the beams and girders 
for the erection bolts. The field welding can be kept to a minimum by 
welding only the column splices and the top and bottom seat angles. 

* Aa suggested in Design Data for Electric Welding, by Bethlehem Steel Com- 
pany, unpublished. 
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For light mill buildings, the columns, trusses, and crane girders should 
be welded with no punching operations. The purlins, girts, and brac- 
ing are bolted in the field. 

While the ultimate in application of welding would eliminate all 
holes it is to be kept in mind that the structure must be erected, plumbed 
into position, and held there while the field welding progresses. Erec- 
tion bolts will normally be used and, since the cost of removing these 
bolts exceeds the value of the bolts, they usually remain in the struc- 
ture. The details should be planned so as to prevent these bolts from 
interfering with the action of the joint. 

Some economy may be realized by a proper choice of weld size, since 
in general the volume of weld metal increases as the square of the weld 
size while the strength increases only directly with the weld size. If a 
smaller weld of greater length is used, the economy in weld metal may 
be offset by an increase in length and weight of the detail material. 
Each problem is an individual consideration. The smaller weld sizes 
are more easily made since welds below % in. can be made in one pass of 
the electrode. 

In welded construction it is uneconomical to transfer a stress through 
fillers, or across two or more planes, as the transfer calls for a weld at 
each plane. In riveted construction a rivet will transfer shear at each 
shearing plane crossed. 

Welding is cheapest when placed in a flat or downwelding position. 
Overhead welding should be avoided whenever possible. 

95. Welds Resisting 
Parallel Shear. Figure p-*- 
157 indicates a tension 
splice, or double lap 
joint. The total tension 

P is to be carried by four — ^- ' " | f, ^ 

fillet welds of size D ^. ~^ 

which are each L inches 

long. It is known that at working loads the distribution of shear to 
each weld will not be uniform. The extreme ends of the fillet welds 
will take more shear per unit length than the welds in the center. It is 
also true that before an overall failure of the weld can take place, pro- 
vided the weld material is ductile, all parts of the weld must be stressed 
alike. The common practice in design is to consider the stress uni- 
formly distributed, and this practice is supported by tests which have 
shown that the ultimate strength is directly proportional to the length 
and size of the weld. 
The shear stress per unit length of the welds shown in Fig. 157 equals 
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P/4L. In symbol form we may call this shear stress s,. As discussed 
before, the minimum section carrying this unit shearing force may be 
considered to be the throat section of the weld. It has also been shown 
that the allowable shear per lineal inch of weld is 9600Z), where D 
is the weld size in inches. For example, suppose that in Fig. 157, L = 
6 in. and D = % in., and that the maximum allowable value of P is 
desired. The allowable load per inch of weld will be 9600 X % = 
3600 lb. 

P = 4 X 6 X 3600 = 86,400 lb 

The converse of this problem would be to have P and L known, with D 
to be determined, or F and D known, with L to be determined. 




£.igJ58. 



Figure 158 represents one lineal inch of weld taken from the splice 
of Fig. 157, with the shearing forces shown in the planes of the legs. 
It is evident that the free body is not in equilibrium and that moment 
equilibrium must be obtained by resisting moments acting in reference 




F ig. 159 

to the plane ahc and possibly in the plane of the legs. The writers do 
not know of any analysis which takes these secondary effects into 
account. Safe weld stresses are based upon tests of similar splices, 
and these secondary effects were integrated by the tests. 

Another case of fillet welds resisting shear caused by tension or com- 
pression is shown in Fig. 159. The fillet welds of length and 
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are to be of such a length that bending is prevented in the angle and 
thus a " balanced " design for the welds is achieved. The distance a, 
measured from the back of the angle to its center of gravity, locates 
the line of action of the total stress in the angle. If the safe allowable 
weld shear per lineal inch is Sg, then Li + L2 = P/Sg- The length 
of Li and L2 may be found by taking moments about the top and 
bottom of the angle ; thus 

P{A - a) Pa 
Li = and L2 = — j 

SsA SgA 

See Chart No. 1 at the end of this chapter. Eccentricity about the Y 
axis has been neglected, but tests have indicated that in the case of 
single angle members this eccentricity causes bending in both the angle 
and the weld. The A.I.S.C. Welding Specifications provide for this 
bending in the single angle member by requiring that the effective area 
of the angle in tension should be taken as the net area of the connected 
leg plus 50% of the area of the unconnected leg. Double-angle mem- 
bers are always preferable. If, however, the single-angle member is 
flattened at the ends, some of the objections to its use are removed since 
the eccentricity is reduced in a plane normal to the welds. 

Recent tests by Gibson and Wake,* on angle tension members, indi- 
cate that the conventional " balancing " of the working strength of the 
welds about the projection of the center of gravity of the angle is not 
essential for providing adequate connections. The tests were made on 
members connected by " balanced " and " unbalanced " welding. For 
single-angle tension members the ultimate strength of the " balanced " 
connection was about 3% greater than for the "unbalanced " connec- 
tion. For double-angle tension members the two types tested alike. 

96. End Welds.f The joint of Fig. 160 (o) combines end fillet welds 
with side fillet welds. It is probably true that the end welds at work- 
ing loads will tend to resist more than their share of the total load; 
however, common design practice considers these welds stressed the 
same as side welds, although the throat is stressed in tension instead 
of shear. Hence, if the weld size is D and we assume 9600D lb per 
in. as the allowable design value, the welds of Fig. 160(a) are good for 

P = 2(2L + Li)9600D 

* G. J. Gibson and B. T. Wake, "An Investigation of Welded Connections for 
Angle Tension Members," J. Am. Welding Soc, Vol. 21, January, 1942. 

t William W. Stecker, " Effect of Eccentricity on the Strength of Welded Joints," 
J. Am. Welding Soc, Vol. 17, November, 1938. Also " Static Tests of Fillet and 
Plug Welds," a review of literature from 1932 to 1940, by W. Spraragen and G. E. 
Claussen, J. Am. Welding Soc, Vol. 21, April, 1942. 
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The use of end welds should, in general, be such as to avoid bending 
on the weld, as will be the case in the joint illustrated in Fig. 160(6). 
The prying effect will establish a concentration of stress at the root of 




(d) 

weld. Figures 160(c) and (d) represent better practice if this type of 
joint cannot be avoided as the bending is reduced to a minimum. 

Good design practice calls for the elimination of eccentricity wherever 
possible. The assumption of uniform stress distribution over the throat 
of the weld does not hold for cases of eccentric loading. 




ngj£l 

97. Welded Connections Subjected to Shear and Bending. Figures 
161 (o) and (5) indicate a plate supporting an eccentric load P with the 
plate fillet-welded to the face of the column. Although other essential 
structural features have not been shown, the simplicity of the problem 
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makes it ideal for this discussion. It is clear that the total vertical 
shear to be resisted by the vertical welds must be equal to P, and that 
the welds must develop a safe resisting moment of Pe. In this case, 
as well as for the other cases discussed, little is known about the actual 
distribution of shear and bending stresses on the plane A-A, and the 
stresses existing in the weld are highly indeterminate. Modern prac- 
tice, or at least common practice, appears to favor the computation of 
a resultant stress arrived at by various methods, the allowable maxi- 
mum resultant stress being limited to 9600Z), no matter what direction 
the resultant stress may have. Although this may appear to have a 
questionable background, advocates of this procedure believe that it 
correlates well with tests. Many designers compute the maximum 
principal stress acting on the weld by combining shear and normal 
stresses. 

In the analysis of the welds, common practice considers the shear 
uniformly distributed as indicated in Fig. 161(c). However, Fig. 
161 (d) shows the distribution of shear as called for by the common 
beam theory, and Fig. 161(e) indicates the commonly accepted varia- 
tion of bending stress. It is highly improbable, according to Shedd* 
and others, that elementary beam formulas are correct when applied 
to a section at an abrupt change in cross section. It is more likely true 
that the bending stress in the outside fiber is far greater than that 
given by s = Mc/I, with the unit stress variation being somewhat as 
shown in Fig. 161(/). This concentration of bending stress in the 
extreme fibers will be compensated for by the assumption of a uniform 
distribution of shear which gives a greater shearing unit stress on the 
extreme fiber than the actual. Therefore, the commonly used assump- 
tions as to bending and shearing stresses are probably safe. 

The maximum bending stress in the welds is usually computed with- 
out modification by using the equation = Mc/I. In computing 
the moment of inertia of the vertical lines of welds, assume that the 
weld size D is equal to unity, then will be computed as pounds per 
lineal inch of fillet weld. This is convenient in designing since the 
weld size is probably unknown at the start of the analysis. 

For one line of weld, / = ^ ^ 

12 

l3 

For two lines of weld, / = — 

6 

* Structural Design in Steel, by T. C. Shedd, John Wiley and Sons, p. 490. 
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Then 

Pe\ 

s„ = — = — 3- = — J where two lines of weld are assumed, 
ILL 

"6 
6Pe 

and Sm = — ^ where one line of weld is assumed. 

L 

The computation of the shearing stress per lineal inch is: 

P 

For one line of weld, Ss = -r 

L 

P 

For two lines of weld, Sj = — 

JiL 

The next step in the analysis is to find the resultant stress on the most 
extreme portion of the weld by combining Ss and Sm- In the case at hand 
these two stresses act at right angles, and their resultant may be found 
graphically, as in Fig. 161 {g), or by s = "^sf + s^. 

For one line of weld the resultant stress may be found as follows: 



For two lines of weld, 



The usual practice is to limit the resultant stress to 9600D lb per lineal 
in. or 9.6Z) kips per lineal in., which is based upon the throat dimension 
of the weld. The allowable load P in kips can be shown to equal the 
following: 

9.6Li) 

For one line of weld, P = 



19.2LD 

For two lines of weld, P = 



This problem may be solved graphically by Charts Nos. 2 and 3 at 
the end of this chapter. 
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A transverse fillet weld 
connection subjected to 
shear and bending moment 
is shown in Fig. 162. The 
shearing stress, s^, may be 
computed by distributing 
the shear uniformly, or Sg 
equals P/2L. The weld 
stress due to bending may 
be computed by assuming the resisting moment equal to Q{D + d) , 
where Q equals s^L. Thus, 

_ Pe 
~ L{D + d) 

The resultant of the shearing and bending stress is s = ^sl + s^. 
This resultant in pounds per lineal inch of weld is commonly assumed 
to be limited by the allowable shearing stress on the throat cross 
section, or limited to 9600D lb per lineal in. 

98. Combined Direct Shear and Torsional Shear. The eccentric 
loading of a joint to produce torsion on the group of welds is as common 
as the similar riveted type of connection. Let Fig. 163 represent the 
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(a) 

Fig. 163 

typical condition, greatly simplified in its detail for purposes of dis- 
cussion. An analysis of the weld group usually assumes the vertical 
shear distributed equally to each lineal inch of weld ; thus the vertical 
shear intensity will be P/(Li + 27^). The computation of shear due 
to torsion will follow from Tc/J, the general torsion formula, where 
r = Pe, and J is the polar moment of inertia about an axis through the 
center of gravity of the welds. 

The notation is shown in Fig. 163. The X and 7 axes pass through 
the center of gravity of the weld group, and in reference to this pair of 
axes the coordinates of the center of gravity of the top weld are x and 
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y. To compute J it is recalled that J = h + ly] and again, working 
in terms of a weld size equal to unity, 

For the top weld only, = 7o + AcP = Ia^ 

/„ = /o + = ^ + Lt" 



or 

~ 12 

The same procedure is true for all other welds; hence the total J 
for all lines of welding is Y.^{L'^/V1 + x"^ ^ y^}. 

The torsional unit shear at any point, St, may be computed using 
the torsion formula st = Tc/J, where c is the radial distance from the 
center of gravity to the particular point in question. Then St must be 
combined with Ss for resultant stress, remembering that St acts normal 
to a radius drawn from the center of gravity of the group to the point 
in question. Caution must be exercised in making this combination, 
since at some point and for some cases the vertical shearing stress and 
the torsional stress may add directly, giving a larger stress than the 
resultant at the most remote portion of the weld. 

The method will be illustrated by several examples. 

Example 1. In Fig. 163(a), let L = 10 in., Li = 5 in., and g + e = U in. 
P = 25,000 lb. The first step is to locate the center of gravity of the welds. 

2 X 5 X 10 , . 

o = = 4 in. 

25 

The next step is to compute the polar moment of inertia from the general 
expression just developed. 

/ = 2 X 10 + 1 + (2.5)2^ + 5(% + 42 + 0) = 402.0 in." 



10 X 25,000 X Ve^ + 2.52 ,. , . 

s. = = 4040 lb per Imeal m. 

402.0 

^ 25,000 ^ ^^Qp lineal in. 

25 

For the maximum stress, these two stresses must be combined. The torsional 
stress St acts normal to the radius from the center of gravity to the corner A. 
The shearing stress is parallel to the load P. Figure 163(6) shows these 
combined graphically. The components may be figured algebraically, and the 
resultant computed. From Fig. 163(6), the resultant stress is 

s = V47302 + 15502 = 4980 lb per lineal in. 

The required weld size is = 0.52 in. Use %i-in. fillet welds. 
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Appended to this chapter is a chart by which the same problem may 
be solved graphically. The value of D is the same as computed above. 



T 



. 20' — H 



P' 36,000* 



(a) 




FigJM. 



Example 2. Figure 164(o) shows a lap joint with two fillet welds, carrying 
an eccentric cantilever load. The center of gravity of the welds is located by 
inspection. From the general expression, the polar moment of inertia is 



J = 2 X 20^^ + 42 + 0 
16 X 36,000\/l0'' + 42 



S( = 



1973 



^ = 1973 in." 

3145 lb per lin in. 



36,000 ... 
8, = — ^ — = 900 lb per hn in. 
40 

These are shown combined, graphically, in Fig. 164(6). The maximum 
resultant stress is 3580 lb per in., and the required fillet size is D = f f = 
0.373 in. Use ^-in. fillet welds. This problem is solved graphically on Chart 5 
at the end of this chapter. 

99. Seat Angle Design. The single-seat angle, welded or riveted, is 
common in a majority of beam-to-column connections.* Figure 165 (a) 
indicates the usual details in welded designs. In this discussion, the 
top clip angle will be considered to offer no appreciable restraint; a 
common size for this angle is 3I/2 in. X in- X Vi in. or 4 in. X 
4 in. X % in. It is welded in the field as shown. While any connec- 
tion of this type will offer some restraint, tests have shown that, for 
a top angle of the size indicated, not more than a 10% restraining 
moment can be developed. Test designs based upon obtaining full 
restraint by using a heavier angle usually failed in the welds. 

The beam seat should be flexible enough to allow the beam to have 
an end slope in agreement with free-ended conditions. If the outstand- 
ing leg of the angle is too stiff, the beam would be supported on the 
toe of the angle. The desired condition is to have the leg of the angle 

* Many engineers believe that the single-seat angle should not be used for 
reactions over 35 to 40 kips. 
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bend until it slopes approximately the same as the end of the beam. 
If the seat angle is too flexible, the bearing of the beam on the angle 
will become so short that the web stresses in the beam will approach 
the crippling stress. The design then must include the following: 

(1) the determination of the 
bearing length of the beam 
on the seat, (2) design of the 
angle for safe bending 
stresses, and (3) the design 
of the welds. 

The specifications of the 
American Institute of Steel 
Construction state that the 
compression stress in the 
web of a beam at the toe of 
the fillet shall not exceed 
24,000 lb per sq in.* By this 
specification, a, the required 
length of bearing in inches, 
R 

should be equal to ^^^^ — k, 




CD 



/Assumed critical 
r 9. section 




(d) 

Fi d. 165 
Seat Angle Desi gn 



24,000C 
where is the thickness of 
the web of the beam in 
inches and k the distance 
from the outer face of 
flange to web toe of fillet 
in inches. In Fig. 165(6) 
the reaction R is assumed to act at the center of this bearing length 
a, and this determines the eccentricity e. The tests of Lyse and 
Schreinerf indicated that the critical section for bending stress in 
the angle occurred near the root of the fillet. Lawsonf assumes that 
the critical section is % in. beyond the face of the seat angle. It will 
be taken as such in this article. Normally the clearance between the 
end of the beam and the face of the column varies from % to % in. 
The effective moment arm for computing the bending stress in the leg 
of the angle is e — t — % in.; or the allowable reaction in kips, allow- 



* See Am. Inst. Steel Construction Handbook, 4th Ed., 1941, p. 180, or A.I.S.C. 
Specification, Art. 20 (/i). 

t Lyse and Schreiner, " An Investigation of Welded Seat Angle Connections," 
J. Am. Welding Soc, Vol. 14, February, 1935. 

t Heath Lawson, " The Design of Welded Seat Angle Connections," J. Am. 
Welding Soc, Vol. 14, June, 1935, p. 23. 



DESIGN OF STIFFENED SEATS 



213 



ing 20 kips per sq in. in bending, will be i? = 



From this 



the thickness of the angle, t, can be computed. Many designers will per- 
mit the unit bending stress to be 24,000 lb per sq in. 

The next step in the analysis is to design the welds attaching the seat 
angle to the column. These vertical welds are subjected to a bending 
moment of Re and a vertical shear of R. The way in which these 
welds resist the bending moment and the action of the vertical leg of 
the angle in bending have not as yet been too successfully investigated 
and hence are controversial. It is complicated by the bending of the 
vertical leg of the angle between the two vertical lines of welds until 
the angle bears against the column. For example, the position of the 
neutral axis in bending in the vertical welds was reported by Lyse and 
Shreiner to be above the midheight of the vertical leg. However, the 
design method developed by Lawson assuming the neutral axis to be 
at one-third the height of the leg, measured from the bottom, has given 
good results practically and compares well with other design methods ; 
hence it will be used here. Figure 165(c) indicates the distribution of 
bending stress assumed in the weld, maximum bending stress being 
indicated by s,„. Then 

s 9i?e R 

Re = -^ X %A X %A X 2 or = ^ and = — • 

The resultant stress in the weld equals 



With the weld stress known, the weld size may be selected. A return 
of the weld i/^ in. along the top is usually added but not included in 
strength computations. 

100. Design of Stiffened Seats. The stiffened seat, or the structural 
bracket, is used to support reactions too large for a single-seat angle. 
They take a variety of forms as shown in Fig. 166(a). The length of 
the outstanding portion should be at least equal to or greater than the 
minimum required bearing length as determined by web crippling of 
the beam. This will also depend on the end clearance between the 
beam and column. 

The location of the point of application of the reaction to the seat 
depends on a, the minimum length of bearing as determined in Art. 99 
and w. (See Fig. 166(5).) Since flexure has been largely removed 
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from the supporting seat, the reaction will be applied near the outer 
end of the bracket. 




Maefe from two ptafes 
or split I beam 



r 



~-We/ds: size'O' 



£igJ66_ 

stiffened Seafs 



As an example, an analysis of this type of stiffened seat, using two plates, 
follows. Referring to Fig. 166(6), it is assumed that a 16" WF 88# beam is 
to be supported, and that the maximum reaction is 40 kips. 

Design 

Beam web thickness = 0.504 in. 

R 



Minimum bearing length a 



24L 



40 



With «) = 6 in.. 



24 X 0.504 



e = 6 - 0.9 = 5.1 in. 



- 1.5 in. = 1.8 in. 



The supporting vertical plate is designed for shear and moment, although m 
this short supporting member, elementary theories are perhaps invalid.* Allow- 
ing 20,000 lb per sq in. in bending, 

20 X tV' 



6 



40 X 5.1 



* See extended discussion of " Welded Structural Brackets," by Cyril D. Jensen, 
3. Am. Welding Soc, Vol. 15, October, 1936. 
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Assume t as % in. (it should not be less than the web thickness). Then 



-4 



'40 X 5.1 X 6 „^ . 

= 9.8 in. (call 10 in.) 

20 X 5^ 



This assumes that the top plate is not assisting in the resistance to bending. 
The maximum shearing stress in the plate is 

3 40 „ ^ , . 

- X = 9.6 kips per sq in. 

2 6^ X 10 

Jensen also advocates the computation of the maximum compression 
stress in the web plate on Section A-A of Fig. 166(6), by using 
P/A + Mc/I. This may be critical; however, this compressive stress 
may be permitted to be higher than usual without serious effects, be- 
cause one edge of the plate is welded to the column. The theoretical 
computations are 

_ 40,000 40,000 X 2.1 X 6 

= 10,667 + 22,400 = 33,067 psi 

Figure 166(a) also indicates the critical section advocated by Jensen 
for triangular stiffening plates. 

The top plate is usually made % in. or % in. thick and will be taken 
as % in. in this design ; the width will be made 12^4 in. (the flange width 
is 111/2 in.). 

The seat may also be made from a split beam, thus eliminating the 
top plate and its welding to the vertical stiffening plate. 

If the connection is to be unrestrained, the top angles should be made 
similar to those in the design of unstiffened seat angles. See Art. 99. 

The analysis of the welds is as follows. Figure 166(c) indicates the 
welds resisting the bending.* 

2 X 10 X 5 . 
y = — = 4.16 in. 

2 X 1 X 4.16^ 

The moment of inertia about x-x, — = = 48.2 in. 

o o 

6^^^ 2 X 1 X 5.843 ^ . 
3 3 
Top weld = 4 X 4.16^ = 69.2 " 

250.0 " 

* H. M. Priest, " The Practical Design of Welded Steel Structures," Am. 
Welding Soc, Vol. 12, August, 1933. 
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Since tearing of this weld at the top is critical, 

40 X 5.1 X 4.16 „ ^ , . 
Sm at top = — = 3.4 kips per in. 

40 

s, = — = 1.67 kips per in. 



Resultant = V{3Af + (1.67)^ = 3.79 kips per in. 
3 79 

D = = 0.395 in. Use Ke in. weld. 



101. Continuity in Welded Frames. Continuity in welded frames 
may be developed by rigid and semi-rigid types of connections. 

If the connection of member to member, or beam to column, is de- 
signed so that no relative rotation may take place between the con- 
nected members, we have the fully rigid type of frame. One assump- 
tion of the usual methods of analysis of continuous structures is that 
there can be no relative rotation of the members at a joint. Hence, 
rigid type connections apply to the rigid type of frame. In many in- 
stances the rigid type of joint is obtained by a complete all-round 
welding of member to member so that homogeneity may be assumed. 
Connections of the rigid type are often spoken of as giving 100% 
restraint. 

If there is a relative rotation between the connected members they 
are spoken of as being partially restrained. In building work this type 
of connection is most common. In many cases of framing, semi-rigid 
connections are used which have been assumed to represent a free end 
condition; for example, riveted web angle connecti.;ns for beams have 
always provided some restraint. The modern trend of design appears 
to favor the semi-rigid joint for tier building work. 

Economy in design frequently may be obtained by the semi-rigid type 
of joint. Figure 167 illustrates the variation in bending moment in a 
beam under three types of load for various conditions of end restraint. 
The simple beam has a 0% end restraint and the fully rigid type 100% 
restraint. 

For a beam uniformly loaded and with less than 75% end restraint 
the positive moment at the center of the span is the ruling factor in 
design. From 75% to 100% restraint the negative end moments are 
larger than the center positive moments. It also may be noted that 
at 75% restraint the positive moment equals the negative moment and 
also gives the smallest design moment values. The maximum moment 
at the center of the span for 50% restraint is not exceeded at any point 
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in the beam for any case of restraint between 50% and 100%. This is 
likewise true for the other cases of loading shown. Thus it is appar- 
ent that economy in beam design can be obtained by even a 50% 



Uniform Load'W 




Pestraint 

o.onwL 

lOO'fo.OSSWL N 
RtSlraint 



O.limL 



F ig. 167 

End and Center Moments for Beams with 
Various Amounts of Connection Restraint 

restraint. No estimate of economy in beam design will be complete 
unless the cost of the connection is included in the estimate. Even if 
the cost is the same as for a simple beam, the added rigidity has been 
obtained without cost. 

Quite elaborate tests were conducted at Lehigh University by Bruce 
Johnston and E. H. Mount* to determine the continuity that was 
developed in a frame when beams were framed to columns by a bottom 
seat angle and a top clip angle. These writersf have also developed a 
method of analysis treating semi-rigid instead of rigid joints. Their 
test results checked the theoretical analysis very closely. 

102. Semi-rigid Connections. TestsJ have been made to determine 
the strength and rotation characteristics of welded beam-to-column 

* " Designing Welded Frames for Continuity," J. Am. Welding Sac, October, 
1939. Figure 167 of this chapter is similar to Fig. 1 in their paper. 

t " Analysis of Building Frames with Semi-rigid Connections," by Johnston and 
Mount, Trans. Am. Soc. Civil Engrs., Vol. 107, 1942, p. 993. 

t" Testa of Miscellaneous Welded Building Connections," by Johnston and 
Deits, J. Am. Welding Soc, Vol. 21, January, 1942. 
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connections ; however, at the present time these tests are not compre- 
hensive enough throughout all ranges of beam depth to warrant more 
than general statements concerning their design. The tests have never- 
theless pointed out the general features of certain types, as well as 
revealed that certain connection forms are unsatisfactory. Future 
test programs should remove most of the present uncertainty. 

Basically a semi-rigid connection must be capable of resisting the 
desired end moment with a satisfactory factor of safety, besides being 
flexible enough to provide the ideal end restraint. The connection 
should also be capable of carrying the vertical shear. Some types of 
connections are dangerous, since, if the welding or detail material used 
to achieve moment resistance should tear or fail, the beam is left with- 
out vertical support. This type should be avoided or supplemented 
by a seat angle to take the vertical reaction. It cannot be too greatly 
emphasized that all connections probably provide more or less re- 
straint, but the amount is uncertain and may be released by the failure 
of the welding. 

Section 1 [d) of the Tentative Specifications for Welded Structures 
of the American Institute of Steel Construction, January, 1942, states 
that "Type 3 (semi-rigid) construction will be permitted only upon 
evidence that the connections to be used are capable of resisting definite 
moments without overstress of the welds. The proportioning of main 
members joined by such connections shall be predicated upon no greater 
degree of end restraint than the minimum known to be effected by the 
respective connections." 

In general, although not all-inclusive, the characteristics of the types 
of semi-rigid connections tested have been these (see Fig. 168) : 

(a) Beam web welded to column with fillet welds. Low restraint 
furnished against rotation and a low or no factor of safety against 
general yielding. Should not be used without a seat angle. 

(b) Beam resting on a seat angle and welded thereto with the web 
connected to column by small welded clip angles near top of beam. 
Connection is too weak to develop or resist moments induced by beam 
action. 

(c) Beam resting on a seat with a top plate welded to the top 
flange of beam and butt-welded to the column. A high percentage of 
restraint is provided. This connection usually should provide a 
factor of safety against yielding of the connection under design loads. 
The weld to the column is critical and should be made with care. 

id) Web of beam connected to column by split I-beam. Detail 
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welded to both beam and column. Has a fair reserve strength 
against moment. Low restraint of 20 to 25%. 

(e) Angles top and bottom of beam. Tests are more extensive for 
this type and connection can be designed readily. Restraint of 50 to 
60% a possibility. (See example of design following.) 




it 



7pfif Btam 



Slot opfionaf 
for aa^itionot 
fitid mMs. 



(H) 




103. Restraint with Top and Bottom Angles. Figure 168(e) indi- 
cates a common detail to secure end restraint in a beam to column con- 
nection. The degree of restraint depends on the connection material, 
the beam span, and the depth and properties of the beam. The end 
moment in the beam also depends upon the relative rotation of the end 
tangent of the beam with respect to a tangent to the elastic curve of 
the column. For the immediate discussion, assume that the column 
remains vertical and unbent. Thus, for a 50% end restraint, the tan- 
gent to the beam makes an angle with the horizontal of one-half the 
end slope of a simply supported beam. 

In the detail shown in Fig. 168(e), the thickness of the top angle 
influences the rigidity greatly. It is to be noted that the top angle is 
welded to the column with one line of weld so that the free deflection 
of the heel of the angle is not interfered with. 
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Inge Lyse and Glenn L. Gibson* were among the first to investigate 
this type of connection. Tests were made at Lehigh University which 
indicated that the computed yield strength of the top angle, based upon 
yield point stresses in the top weld and at the root of angle, was about 
one-half the ultimate strength of the top angle. This indicated that 
the yield strength would be acceptable as a basis for design. The yield 
load F per lineal inch of top angle, angles all 3 in. X 3 in., for various 
thicknesses was computed as follows: 

Angle Thickness, Inches Yield Load, per Inch of Angle, Pounds 



The permissible deflection of the heel of the angle from the flange 
of the column will vary from 0.03 in. to 0.07 in. for similar load con- 
ditions. These deflections will limit the span length of a uniformly 
loaded beam with 507c end restraint to a minimum of about 8 ft and a 
maximum of about 18 ft, although this latter possibly may be increased 
slightly. More tests are necessary to estabhsh the type of connection 
for longer spans. 

Exam-pie. Assume a beam 18 ft long, with a total uniform load of 30,000 lb. 
For 50% end restraint the maximum moment of WL/\2 occurs at] the middle 



V2 

He 

% 



1100 
1500 
2100 
2600 
3200 
4000 
5200 



Max. moment = — — 



30,000 X 18 X 12 
12 



= 540,000 in.-lb 



Reqd. section modulus 



540,000 
20,000 



= 27.0 



Use a 12-in. WF 25# 



^ = 30.9 in.' 



c 



Flange 6^-in. wide; therefore make top angle 6}^-in. long. 



End moment 270,000 
Force at toe of top angle = --— = 



= 18,000 lb 



a 



Force per inch of top angle = 




* Lyse and Gibson, " Effect of Welded Top Angles on Beam Column Connec- 
tions," /. Am. Welding Soc, Vol. 16, October, 1937. 
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From the table choose a 3 in. X 3 in. X 'He in- angle; the welding along the 
top edge will be a full fillet weld for the full thickness and length of the angle. 

The lower seat angle should be designed in a manner similar to the seat angle 
of a simple span as described in Art. 99. The entire vertical reaction of the beam 
is assumed to be taken by this angle. The vertical welds may be designed for the 
vertical shear, and the resultant moment due to the force F and the vertical 
load. Should the top connection fail to develop the assumed force or should 
it rupture, the lower angle would be relieved of the force F, and the moment on 
the seat angle welds might be equal to that for a simple span. It is therefore 
safer to disregard the force F in designing the lower seat angle. 

Both flanges of the beam must be secured to the top and bottom angles by 
sufRcient welding to transmit the forces F. In our example, assuming 34-in. 

fillet welds, the total length of weld required is = 7.5 in. Use 4 in. of 

2400 

weld on each side of the flange at lower seat angle, A %6-in. fillet weld, 6i in. 
long, is required along the toe of top angle. 

104. Theory of Semi-rigid Connected Frames. The Second Report 
of the British Steel Structure Research Committee* included a com- 
prehensive statement of the problem of 
semi-rigid connected frames by C. Batho 
and J. F. Baker. This report should be 
studied in detail by those interested in this 
problem as it is not within the province of 
this book to present all their theory. 

To attack the problem basically, let a 
single beam be connected to rigid columns 
by semi-rigid connections. Figure 169 indicates that under load 
the connection will rotate and the beam assume an end slope of 6. 
If the beam were simply supported rather than connected as shown, 
the angle 6 would be equal to the end slope of the simple span. 
If 6 for the case shown is equal to one-half the simple beam slope, the 
beam would be 50% restrained. 

The simplest way to view the problem is to assume that the connec- 
tion is a separate structure with its rotation proportional to its moment 
loading. The beam also may be taken as a separate structure whose 
end slope must equal the rotation of the connection under the same 
restraining moment. Needless to say, the finding of the connection 
constants is the most difficult part. Tests have been made in this 
country on both welded and riveted joints to determine these connec- 

* First, Second, and Final Reports, Steel Structures Research Committee, De- 
partment of Scientific and Industrial Research of Great Britain, H. M. Stationery 
Office, London, 1931-1936. 
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tion constants. Johnston and 
Deits* have presented a dia- 
gram, Fig. 170, which very well 
presents the action of typical 
welded joints. The slope of 
the straight portion of the lines, 
A, B, C, or D may be called 
JE, where J is a constant for 
the connection and E is Young's 
modulus. The connection con- 
stant may be expressed as 



M 
Ed 



B " Conntction Rofation 



It should be pointed out that 
in general this constant is 
usable only for one beam depth, 
the depth of the test beam, 



Fig. 170 

although there are exceptions to this, depending on the connection. 

The beam slope can be expressed in terms of M, the end moment, and 
Mp, the full fixed end moment, assuming a symmetrically loaded beam 
(see Art. 42) . 

op/ 

M = Mp —e = Mp- 2EKe [1] 

ij 

For the connection, 



By equating [1] and [2], 



EiJ + 2K) 



Or M may now be expressed as 



M = J Ed [2] 

[3] 

Then p, the percentage of rigidity of the combination of beam and 
connection, may be shown from the above to be the ratio of the moment 
M to Me. Or 

P=^^ (m%) [5] 



1 + 



2K 



The percentage of rigidity, or the end restraining moment, can also 
* 3. Am. Welding Soc, January, 1942. 
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be found easily in Fig. 170 by drawing straight lines known as " beam 
lines," as originally named by C. Batho. Equation [1], M = Mp — 
2EK6, is the equation of the beam line. When M = 0, the intercept 
on the ^-axis is equal to the end slope of a simply supported beam. 
When 6 = 0, the intercept on the moment axis is equal to Mf. The 
intersection of the beam line for 
any particular loading and L/d 
ratio with the connection curve 
automatically determines the rota- 
tion $ and the end restraining mo- 
ment; hence the percentage of re- 
straint may be found. Johnston 
and Deits indicate a second " beam 
line " for two times the design re- 
quirements, which indicates that, 
although connections A, C, and D 
will have a factor of safety of two 
against general yielding, connection 
B would be unsatisfactory. 

In a frame the columns rotate; 
thus the end slope of a beam is 
given by column rotation plus the 
connection rotation. (See Fig. 171(a).) 





t 







(b) 

ligJIl 



The full development of the 
theory to handle this problem is given in the Second Report of the 
British Steel Structures Research Committee, and by Johnston and 
Mount in the Trans, of the American Society of Civil Engineers, Vol. 
107. 

In Fig. 171 (a) , 6 a is the rotation of the column and 6i is the rotation 
of the connection under the action of end moment of the beam AB. The 
total slope of the beam is equal to 6a -\- 6\ = 4>a- 

To develop the slope deflection equations for a frame with semi-rigid 
connections, let us start with the geometry of the rotations shown in 
Fig. 171 {h) . Let us assume that the connections at A and B are alike 
in regard to rotation and restraining characteristics. 

From Fig. 171 (6) , and with due consideration of the signs of moments 
as conventionally used in slope deflection: 



Oa — 4>A 



qM. 



AB 



[6] 



Ob — <t>B = 



EJ 



M 



BA 



[7] 



where q 



1 
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The regular slope deflection equations will give 

Mab = 2EK{24>A ■^<i>B) - Mp^^ [8] 

Mba = 2EK{2<Pb + <i>A) + Mp^^ [9] 

Hence, 

8a-<I>a = 2EKq(24>A + 4>b) - qMp^ [10] 

Bb- cf>B = 2EKq{2<t>B + <t>A) + qMp^^ [11] 
Letting a = 2EKq, equations [10] and [11] may be rewritten to give 

Ba- <I>A = 2a<t>A + cccj>B - qMp^^ [12] 

Ob - 4>B = 2(x<j>B + a<^A + qMpsA [13] 

Solving equations [12] and [13] for and <t>B in terms of Ba and Bg, 
and then substituting these values in equations [8] and [9] will yield the 
general slope deflection equations for the frame with semi-rigid connec- 
tions. 

2EK 
Za^ -\-Aa+ 1 

- g^^^J - Mp,, [14] 

2EK 

Za^ + 4q; -h 1 

+ qMp^,\ + Mp^^ [15] 

To relate the beam and connection for a 50% rigidity of the connec- 
tion, compute the end slope of a beam with 50% end restraint, or the 
slope of a beam with an end moment equal to one-half of Mp, the fixed 
ended moment. 

Mp 



Mab = ^ 2 , . — + ZadA + eB+ (3qa + 2q)Mp^^ 



Mba = ^ 2 , , — -z [2eB + ZaBs + 9a - (3ga + 2q)Mp^^ 



End slope 



For 50% restraint: 



4:EK 

Mp 



1 1 0 4EK 1_ 

EJ~ M~M~Mp~ 2EK 



Also for 50% restraint: 



a = 2EKq = 1 



For 75% rigidity: 

End moment = ^Mp 



Mp 1 
End slope = ^ g = ^ a=% 
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If the beam AB oi Fig. 171 is symmetrically loaded with the same type 
of connection at A and B, the slope deflection equations reduce to the 
following form for 50% rigidity : 

M^s = ^ (56^ + ^b) - ^ [16] 
MsA = ~ isejs -e^) + ^ [17] 

Johnston* has shown that for a 50% assumed rigidity and symmetrical 
conditions, where the beam AB is part of a structural framework of 
beams and columns, the final end moment Mas for all practical purposes 
may be given as 

MaB = -Mir^J ^— \ 



where is the sum of the stiffnesses of the upper and lower columns 
at the end A. 

105. Plate Girders. The welded plate girder consists of a web plate 
with two flange plates fastened thereto by welding. Flange plates may 
be either a single plate (or a series of shorter plates butt-welded at 
their junctions) , or two or more plates superimposed may be used. The 
single plate is to be preferred as less welding will be required, normally. 
The bearing and intermediate stiffeners are usually flat bars placed 
vertically, although the investigations made by Jensen and Lotzf indi- 
cate that there is some advantage in inclined stiffeners because of the 
increased stability of the web plate against buckling. 



Design Problem 

The design of a welded girder will be illustrated by the following 
example. The 1942 Tentative Specifications of the A.I.S.C. for Welded 
Steel Buildings will be used. (See Fig. 172(a).) 

Span = 40 ft (laterally supported) 
Depth of web plate = 50 in. 

Uniform load = 5700 lb per ft, including weight of girder 
Concentrated load at center of span = 80,000 lb 

* " Design Economy by Connection Restraint," Eng. News-Record, October 10 
1940. 

t Cyril D. Jensen and William F. Lotz, Jr., Am. Weldmg Soc., Vol. 16, Octo- 
ber, 1937, " Welded Girders with Inclined Stiffeners." 
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Maximum end shear = 154,000 lb 
Maximum moment = 1,940,000 ft-lb 

ao.ooo* 

\ S700*OT ft. 



K'JS4,000* 




(b) 



End Stiftenerz 
(C) 



Allowable Unit Stresses 

Bending 20,000 psi 

Shear on web 13,000 psi 

Shear on fillet welds 9,600Z) lb per lineal in. 

Tension, butt welds 16,000 psi 

Compression, butt welds 20,000 psi 

154,000 „„„„ 

Required thickness of web plate = = 0.237 

lo,000 X OU 
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1 50 
Minimum by specification = — depth = — = 0.294 in. 

Use %6-in. web plate. Area = 15.62 sq in. 

Flange Material at Center 
Assume out to out of flange plates as 53 in. 

^ . , , r- 1,940,000 X 12 X 26.5 ^„ „ . 

Kequired moment oi mertia = — — = 30,800 m ' 

20,000 ou,ouu 

^6 X 50^ 

Moment of inertia of web = = 3,255 

12 



To be furnished by flanges = 27,545 in.* 

2xAXd^ = 27,545 in.* 
2XAX 25.752 = 27,545 in.* 
Area of one flange plate = 20.8 sq in. 

20 8 

Using plates 14 in. wide; reqd. thickness = — — = 1.49 in. 

14 

At the middle of the girder use flange plates 14 in. X 13^ in. 

As shown by the moment diagram, it is not necessary to carry the 
heavy flange plates required at the middle the entire length of the girder. 
The minimum thickness permitted by the specifications is }{2 of the pro- 
jection of the plate from the web, or K2 in. It is well to make the end 
section of flange about half the thickness of the plate at the middle. 
This will give a 14 in. X M in. flange plate for the ends. 

The moment of inertia of the end section is: 

Web plate = 3,255 in.* 
Flange plates 2 X M X 14 X (25.37)^ = 13,515 

Total / = 16,770 in.* 

It is now necessary to find how far from the end the 14 in. X ^ in. 
plate will be sufl3.cient to carry the stress. It is to be noted that the unit 
stress in the bottom plate must be limited to 16,000 lb per sq in. instead 
of 20,000 lb per sq in., since the stress in the tension butt weld governs. 

Let X be the distance from the end of the girder to the theoretical 
splicing point. Then, equating external bending moment to internal 
resisting moment, 

5.7a;2 16,770 X 16.0 

154.0a; = — 

2 25.75 X 12 

Solving for x, 

X = 6.4 ft 
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The permissible unit stress in the compression butt weld is 20,000 lb 
per sq in., so the top flange plate, 14 in. X M in., may be extended 
toward the middle of the span a short distance farther than the bottom 
plate. To determine the theoretical distance which the top end flange 
plate may extend involves the solution of a girder of unsymmetrical 
cross section. While this is not difhcult, it is doubtful if the unit stresses 
so determined would be accurate because of the abrupt change in flange 
section and shift of the neutral axis. 

In our case the theoretical length of the %-m. top flange plate is 9.2 ft. 
This would permit it to extend 2.8 ft beyond the splice in the bottom 
plate. A good design would be 

Bottom flange 2 plates 14 in. X ^ in. X 6 ft, 6 in. 

1 plate 14 in. X 13^ in. X 28 ft 

Top flange 2 plates 14 in. X M in. X 8 ft, 6 in. 

1 plate 14 in. X IH in. X 24 ft 

Welding of Flange Plate to Web. The welds at the junction of the web 
plate and flanges must resist horizontal shear. The horizontal shear at 
this junction per lineal inch of girder is given by VQ/ 1, where 

V = total shear at section, 
Q = statical moment of cover plates about neu- 
tral axis of girder, 
I = moment of inertia of the gross cross section. 

At the reaction, 

154,000 X M X 14 X 25.38 _ 
Shear per lineal mch = 16^70 ~ 

The minimum size weld to be used with a flange plate of %-m. thick- 
ness is 1/4 in. and, for a iy2-in. plate, it is % in. (See Art. 93.) The 
%-in. fillet weld will be adopted throughout for flange welding. For a 
%-in. fillet weld the allowable shear load per inch of weld is 3600 lb. 
For two fillet welds, one on either side of the web, the safe load is 
7200 lb per in. The minimum length of intermittent fillet weld by the 
specifications is 4D or 4 X % = 11/2 in. We will use 2 in. minimum 
length. 

7200 X 2 

Required spacing = ^^^^ = 5.8 in. (say 5 in. c. to c. at reaction) 

The specifications require that the clear spacing between intermittent 
fillet welds shall not exceed 16 times the thickness of the thinnest con- 
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nected plate where compression is concerned or, in this case, 16 X ^ 6 = 
5 in. This condition is satisfied. 

Spacing 6.0 ft from reaction considering the %-in. cover plates. 

V = 119.8 kips 

X, . , • 7200 X 2 

Required spacmg = = 7.5 m. 

119. o 

''''' X ImTo 

Considering the l3^-in. cover plates at the same section, 

^ . 7200 X 2 

^P"'''^^ = 119,800 X 13/2 X uiriET5 = 
31,940 

But using 2 in. intermittent welds, and complying with the maximum 
clear spacing requirement of 5 in., the welds may be spaced only 7 in. on 
center, which is sufficient. Welding should be continuous for a distance 
equal to the width of the flange at the ends of the girder and at the splice 
point in the flange. 

Web Stiff eners. Section 20(e) of the tentative welding specifications 
requires that, if the ratio of the clear depth of the web to its thickness 
exceeds 70, intermediate stiffeners shall be provided at all points where 

this ratio exceeds , in which v is the maximum unit shear in the web 
at the point. 

The clear distance between intermediate stiffeners, when stiffeners 
are required by the foregoing, shall not exceed 84 in. or that given by 
the formula,* 

270,000< 

d = 



V \ h 

in which d = clear distance between stiffeners, 
h = clear depth of the web, 
t = thickness of the web. 

Stiffeners are commonly used in pairs, although they may alternate 
on opposite sides of the web. 

Stiffeners employed to stay the web plate against buckling, and not 
for the transfer of concentrated loads from flange to web, shall be of a 

* This formula is solved graphically on page 129 of the Steel Construction Hand- 
book of the American Institute of Steel Construction. 
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section not less than that required by the formula, 

/, = 0.000,000,16/i4 
the depth of the web, 

moment of inertia of the stiff eners or stiifener (figured 
with a common axis at the center line of web for stiffeners 
in pairs, or with the axis at the inner face between stiff ener 
and web for single stiffeners) . 

The required spacing of the stiffeners at the end of the girder and 
near the middle are calculated below. 

At the end, v 



d 

At the middle, v = = 2560 psi 

d = 83.0 in. 

The required spacing at intermediate points may be determined with 
sufficient accuracy by direct interpolation between these limits. 

The stiffeners will be located in pairs, and the required moment of 
inertia of each pair is 

/, = 0.000,000,16 X (50) 4 = 1.0 in.* 

Two plates, 3 in. X %6 in. will answer for each pair. 
Stiffeners at Concentrated Loads. The following is quoted from the 
Welding Specifications, Section 20(e) : 

Bearing stiffeners shall be placed in pairs on the webs of plate girders at 
unframed ends and at points of concentrated loads. Such stiffeners shall 
have a close bearing against the loaded flanges and shall extend as closely as 
possible to the edge of the flange plates. They shall be designed as columns 
subject to the provisions of Sec. 10(a), assuming the column section to com- 
prise a pair of stiffeners and a centrally located strip of the web equal to not 
more than 25 times its thickness at interior stiffeners or a strip equal to not 
more than 12 times its thickness when the stiffeners are located at the end 
of the web. The column length shall be taken as not less than % of the 
length of the stiffeners in computing the ratio LIr. Only that portion of 
the stiff ener outside of the flange-to- web welds shall be considered as effective 
in bearing. 

The end stiffeners will be designed with the arrangement shown in 
Fig. 172(c). In this design the effect of the web on L/r is small and 



in which h = 



154,000 
50 X %6 



9850 psi 



270,000 X Me 3/ 9850 X _ „ ■ 

= — ^ / — oo.o in. 

9850 \ 50 
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will therefore be neglected. 

rr, • , . , . , 154,000 

irial required area for one bar = = 2.57 sq in. 

15,000 X 4 ^ 

Using bars 6 in. wide, 

2.57 „ „ . 
t = — = 0.47 in. 
5.5 

According to the specifications, the minimum thickness is 

t = K2 X 6 = 3^ in. 
Moment of inertia about centerline of web : 

4 ^3 X 3.152 + 1^ X ^) = g 4 



154.8 

= 3.1 in. 



4 X 3 + 12 X ^6 
L ^ M X 50 
r ~ 3.1 



= 12.1 



J = 17,000 - 0.485 ( - ) = 16,930 psi 

Capacity of stiffeners = 16,930 X 4 X 5}4 X ^ = 186,200 lb 
This is sufficient. 

The stiffeners must have enough welding to transfer safely the reaction 
to or from the web plate. Assuming %6-in. fillet welds, the welding on one 
stiffener may be computed as follows : 

Total length of %6-in. fillet for one stiffener = ^^^>^^^ ^ 21 4 in 

4 X 1800 

Intermittent welds 2 in. long on both sides of the stiffener spaced 
approximately 7 in. c. to c. will provide 

2 X X 2 = 28 in. (which is more than sufficient) 

The design of the end stiffeners in this case could be used for the 
stiffeners under the concentrated load at the center line, since as in the 
design of the end stiffeners, minimum thicknesses and sizes will rule. 

106. Butt Welds. The butt weld is usually easier to design than a 
fillet weld ; however, there are also many inherent defects that call for 
proper techniques* to insure good penetration or fusion, and freedom 

*See American Welding Society Code for Arc and Gas Welding in Building 
Construction, 1941. 
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from residual stresses. The allowable load on a butt weld is the 
product of the design unit stress and the effective area of the throat 
of weld* 

The American Welding Society gives two major classes of butt 
welds, complete penetration butt welds and incomplete penetration butt 
welds. The effective throat area of a butt weld depends on this classi- 
fication. The Code should be referred to for a complete discussion. 

The butt joints prequalified in the American Welding Society Code 
are given in Figs. 173 and 174. Butt joints fall into the following 
classifications : 

Open Square Double V 

Closed Square Single J 
Single Bevel Double J 

Double Bevel Single U 
Single V Double U 

The proper forms of the grooves and limitations as to the maximum 
thickness of plate as well as the effective throat thickness are shown on 
Figs. 173 and 174. The choice of one form over the other depends on 
the thickness of the plate, the position of the weld, and whether weld- 
ing can take place from both sides of the groove. From the standpoint 
of plate thickness, for plates up to and including % c in., the open or 
closed butt can be used; above %6 in- in thickness, some form of 
beveling is desirable to insure penetration. From %6 in. to % in., 
the single bevel weld or the single V may be used. Above in. 
thickness, the double bevel or double V would probably be used. The 
J and U welds are variations of the bevel and V welds and may be 
used with thick plates to avoid using small electrodes for the first few 
passes and to eUminate or modify certain types of distortion. 

107. Fatigue of Welded Joints. It has long been known that mem- 
bers or joints subjected to a large number of repeated loadings, even 
though those loadings produce stresses well below the elastic limit of 
the material, will eventually fail. These failures due to repeated load- 
ings are known as " fatigue " failures. They may be failures of the 
joints or they may be failure of a member adjacent to a joint. 

There are two main contributing factors which cause fatigue, (1) 
microscopic or larger flaws within the metal and (2) abrupt changes in 
the stressed cross section. These two factors are, in reality, the same, 
because a flaw would constitute an abrupt change in cross section. 

Early tests to determine the fatigue properties of metals were made 
on small laboratory specimens, and it was found that if the speci- 
mens were turned and polished they withstood repeated stresses very 

* American Welding Society Code, Sections 209, 210. 



FATIGUE OF WELDED JOINTS 



233 



f 


T 

¥; 


y-O.TOT(Si-G) 

^r=^ — 1 






5'L 



Effective Throaf Thickness- T+0,707(s,tSi-2<3) 
FILLET -REIN FORCED BUTT 
WELDED TEE JOINT 
FIG. CI 



T-unlimifed 




Lower edge fory— ^ — f*- jj^ min. 
horizontal posifion, 

SINGLE BEVEL BUTT JOINT, WELDED 
ONE SIDE ON BACKING STRUCTURE 

FIG. ce 



Roof need not be chipped 
before welding second ,» ,■< 
side.-r~^ rtz^° s 







! \ 




14— iTmin. 



MoxT ■* ^" 
OPEN SQUARE- BUTT JOINT 
WELDED BOTH SIDES 
Fie.CZ 




DOUBLE-V BUTT JOINT 
FIG. C7 



T-unlinnifed 



60 rn;, 




T-unlimifed «(^in 



-it min 

SINGLE-V BUTT JOINT 
WELDED BOTH SIDES 
FIG. C3 




-*J-4— mm. 



DOUBLE BEVEL BUTT JOINT 
FIG.C8 



T-unlimifed 




'4S-in ho^izon^aI position 
zstin of her 
posi^■ions 



1 



tower edge W*^~^I^"^'"- 
fiorizont-al positron.. 

SINGLE BEVEL BUTT JOINT 
WELDED BOTH SIDES 
FIG.C4 



j min.-^ 




l7 



t 



■o"toi 



SINQLE-J BUTT JOINT 
WELDED BOTH SIDES 
Fia.CS 




45 -in horizontal position 
25 -in other^x!l»^^ ,» 

positions- y— 1 \ pa ^^g 



SINGLE-V BUTT JOINT, WELDED 
ONE SIDE ON BACKING STRUCTURE 
FIS.C5 




T-unIim*ited 



DOUBLE-J BUTT JOINT 
FIG. CIO 



Courtesy A?nerican Welding Society. 

Fig. 173. Prequalified joints, A.W.S. Code. 
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much better than if left rough. Even small scratches on the surface 
produce " stress raisers " and will start incipient failure. 

Photoelastic studies show that, at any abrupt change in cross section, 
there is a very considerable concentration of stress and that the maxi- 
mum unit stress may be several times the average unit stress, its magni- 
tude depending upon the abruptness and the amount of change in cross 
section. These excessively high unit stresses immediately adjoining 
the stress raiser start the failure, and repetition of the stress pro- 
gressively increases the incipient fracture until finally failure of the 
whole piece occurs. 

When two pieces are joined, either by riveting or welding, large stress 
raisers are produced, unavoidably. In riveted joints, the rivet holes 
constitute stress raisers in the main material; and in welded joints the 
weld bead or " reinforcement," as well as small crevices and irregulari- 
ties, slag inclusions, and flaws are stress raisers. These, of course, are 
in addition to microscopic flaws within the metal and irregularities due 
to rolling and manufacture. 

Engineers were accustomed to thinking of the static strength of 
carbon structural steel as being of the order of 63,000 lb per sq in., and 
of the fatigue strength of machined specimens of the same material as 
being of the order of 47,000 lb per sq in., but knowledge of the fatigue 
strengths of full-sized members and welded joints in the " as welded " 
condition was lacking. Realizing this situation, the engineers of the 
San Francisco-Oakland Bay Bridge financed a series of tests on the 
fatigue strength of riveted joints.* The Welding Research Committee 
of the Engineering Foundation organized a committee known as Com- 
mittee F, to plan and carry out a similar investigation of the fatigue 
strength of welded joints connecting structural members.f An in- 

"See "Fatigue Tests of Riveted Joints," by W. M. Wilson and Frank P. 
Thomas, Bulletin 302, Engineering Experiment Station, University of Illinois. 

t" Fatigue Tests of Butt Welds in Structural Steel Plates," by W. M. Wilson 
and Arthur B. Wilder, Bulletin 310, Engineering Experiment Station, University 
of lUinoia. 

" Fatigue Tests of Welded Joints in Structural Steel Plates," by W. M. Wilson, 
W. H. Bruckner, John V. Coombe, and Richard A. Wilde, Bulletin 327, Engineering 
Experiment Station, University of Illinois. 

" Effect of Periods of Rest on the Fatigue Strength of Welded Joints," Report 1 
(January, 1941) of Committee F of the Industrial Research Division of the Weld- 
ing Research Committee of the Engineering Foundation. 

" Calculation and Graphical Representation of the Fatigue Strength of Struc- 
tural Joints," Report 2 (February, 1942) of Committee F of the Industrial Re- 
search Division of the Welding Research Committee of Engineering Foundation. 

" Fatigue Strength of Fillet-weld and Plug-weld Connections in Steel Structural 
Members," by W. M. Wilson, Bulletin, Engineering Experiment Station, Univer- 
sity of Illinois. 
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vestigation has also been made to determine the effect of the range 
of stress upon the fatigue strength of metals.* 

In planning the tests two types of member were visualized: (1) a 
member which would receive its maximum stress 100,000 times during 
its lifetime and (2) a member which would receive its maximum stress 
2,000,000 times during its lifetime. It is believed that nearly all parts 
of structures will come within these limits. The structural engineer 
is not interested in the fatigue strength of members or connections 
based upon failure at the much larger number of repetitions of the 
load encountered in the operation of machines. 

Tests were made using three types of stress cycles: 

(1) Compression to equal tension. 

(2) Zero to tension. 

(3) Tension to tension half as great. 

The table below shows a summary of results of tests on butt welds 
in % in. carbon steel plates of structural grade. 



Fatiquh Strength of Butt Welds in %-Inch Carbon Steel Plates 
Ultimate Strength 61,300 psi Yield Point 34,800 psi 



Description 
of Specimen 


Stresses in Kips per Sq In. 


Tension to 
Compression 


Zero to Tension 


Yi Tension to 
Tension 


No cycles 


100,000 2,000,000 


100,000 2,000,000 


100,000 2,000,000 


Solid plate, 
no joints 


27.7 17.1 


49.8 31.6 


No Failure 50.0 + 


Butt weld, rein- 
forcement 
machined flush 
with plate 


28.9 


48.8 28.4 


43 7 


Butt weld, as 
welded 


22.3 14.4 


33.1 22.5 


53.3 36.9 



These values are for manually deposited metallic-arc welds shop- 
welded in the flat position under the most favorable conditions of 
operator skill and intelligence of supervision. Tests of similar welds 

* " The Effect of Range of Stress on the Fatigue Strength of Metals," by James 
O. Smith, Bulletin 334, Engineering Experiment Station, University of Illinois. 
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made by first-class fabricating shops working under commercial con- 
ditions indicate that an occasional weld may be expected to have a 
fatigue strength only 75% as great as the values given in the table. 

It was noted that failure of good welds almost invariably occurred 
at the junction of the plate and the weld, that is, at the stress raiser. 
When the reinforcement was machined off the weld flush with the 
plate, the results given in the table show that there is little difference 
in fatigue strength between the solid plate and the plates joined by 
a butt weld. 

Such tests as have been made on " structural carbon " steel plates, 
whole or joined by butt welds, indicate that if less than about one- 
half to two-thirds of the total stress is alternately released and re- 
applied, no matter how often, or if any greater ratio of release and 
reapplication occur fewer than several thousand times, the fatigue 
strength is probably not far enough below the static yield point to 
need consideration in structural design. 

Periods of rest interspersed throughout the tests did not have a 
significant effect upon the fatigue strength of welded joints. 

A study of fatigue strength of butt welds that were stress-relieved 
by heat treatment indicates that stress-relieving did not affect the 
fatigue strength. This was true for specimens with reinforcement 
off as well as for those with reinforcement on. 

Obviously, in structural work it is not practical to remove the re- 
inforcing by grinding or milling, and the welds must serve in the 
as welded condition. The question then arises as to the permissible 
unit stresses to use in design of butt-welded joints connecting plates 
subject to repeated or reversing stresses. 

1. The tests show that when = 14 (14 tension to tension) 

the dasign may be based on the static unit stress, 
min. 

2. When — — = 0 (zero to tension or compression) the breaking 

strength for 2,000,000 repetitions is about two-thirds of the static 
yield point. 

min. 

3. When = — 1 (complete reversal tension to compression) 

the breaking strength for 2,000,000 repetitions is about four-tenths of 
the static yield point. 

A fatigue equation which may be used to take into account the range 
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of stress pulsations is given below. 

Let / = permissible fatigue unit stress 
s = permissible static unit stress 

/ = , but not to exceed s 

1.5- = 
max. 

108. Welding Symbols.* Just as conventional riveting symbols 
have been adopted by the structural industry, so must a conventional 
system of welding symbols be adopted. The American Welding So- 
ciety has developed a system of welding symbols which, although not 
entirely foolproof, point the way towards a universal system. At 
first glance they appear to be complicated; that may seem to be 
so since they apply to all classes of work. But use of them should 
make them clear. 

As stated in the A.W.S. instructions for their use, the symbols are 
simply picture-writing, showing graphically the type of weld required. 
Figure 175 is the recommended list of symbols. In applying them to 
a drawing, they are usually pictured in conjunction with a conventional 
scheme showing size, length, pitch, shop or field weld, all placed upon 
a reference line, as in Fig. 175. 

The arrow of the reference line under the present A.W.S. code 
points to the joint or member to be grooved. The side of the joint 
to which the arrow points is called the near side, and the other side 
of the joint is called the far side. 

109. Column Splices and Details. Figure 176 indicates typical 
details of column splices as recommended by the A.I.S.C. Tentative 
Specifications. The purpose of a column sphce in the majority of tier 
buildings is to hold the column sections in line vertically and to 
facilitate erection. In some buildings, the splice may be subjected 
to a wind moment and a tension force due to combining wind direct 
stress with dead load stress, which will call for a splice designed to 
meet these conditions. 

Figure 177 indicates a few typical details of beam-to-column con- 
nections. Figure 178 shows the recommended standard details of 
the American Institute of Steel Construction for beam-to-beam 
connections. The Procedure Handbook of Arc Welding, Design and 
Practice, published by the Lincoln Electric Company, Cleveland, Ohio, 
is profusely illustrated with typical welding details and is highly rec- 
ommended as a source of information. 

* Welding Symbols of American Welding Society, Appendix B, of 1941 Code for 
Arc and Gas Welding in Building Construction. Also refer to the A. W. S., 
" Welding Symbols and Instructions for Their Use." 
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ARC AND GAS WELDING SYMBOLS 



TYPE OF WELD 


FIELD 
WELD 


WELD 
ALL 

AROUND 


FLUSH 


BEAD 


FILLET 


GROOVE 


PLUG 
& SLOT 


SQUARE 


V 


BEVEL 


U 


1 








\/ 


V 




M 


\J 


• 


o 





LOCATION OF WELDS 



ARROW (OR NEAR) 
SIDE OF JOINT 



OTHER (OR FAR) 
SIDE OF JOINT 



BOTH SIDES OF 
JOINT 



FIELD WELD 
SIZE. 



SEE NOTE 5 



J BOOT I 




-INCLUDED ANGLE 



■77 



ROOT I 
OPENING 



ROOT ' 
OPENING 



SIZE SIZE 

I INCREMENT | WELD All 
t <LENGTH \ 



SEE 
NOTE 5 




OFFSET IF 
STASGEREO 



ABOUNC 



PITCH OF 
INCREMENTS 



1. THE SIDE OF THE JOINT TO WHICH THE ARROW POINTS IS THE ARROW (OR 
NEAR) SIDE. 

2. BOTH-SIDES WELDS OF SAME TYPE ARE OF SAME SIZE UNLESS OTHERWISE 
SHOWN. 

3. SYMBOLS APPLY BETWEEN ABRUPT CHANGES IN DIRECTION OF JOINT OR AS 
DIMENSIONED (EXCEPT WHERE ALL AROUND SYMBOL IS USED). 

4. ALL WELDS ARE CONTINUOUS AND OF USER'S STANDARD PROPORTIONS UNLESS 
OTHERWISE SHOWN. 

8. TAIL OF ARROW USED FOR SPECIFICATION REFERENCE (TAIL MAY BE OMITTED 
WHEN REFERENCE NOT USED). 

^ PJi?^f£'l'°'^® INCREMENT LENGTHS AND SPACINGS ARE IN 

INCHES* 



Courtesy of American Welding Society. 

Fig. 175. 

The above symbols are recommended by American Welding Society for incor- 
poration on drawings specifying fusion welding. For more detailed instruction in the 
use of these symbols, refer to "Welding Symbols and Instructions for Their Use," 
published by the American Welding Society. 

If the welding on the hidden face is not different from that on the visible face, 
the fact that there are two members must be covered by the drawing and the bill of 
material. 

TYPICAL DETAILS OF COLUMN SPLICES 











■Erection 

/ V 


Will-? 













COLUMNS OF SAME DEPTH ONLY 



Erection ftell*- 




i Not less than Fillets 







ii 


i 


m 





To provide erection clearance \ SECTION B-fc 

for hBams, this connection is 
often reversed ( Angle en lover" 
shaft, Plate m> vfper shaft). 

PREFtmO SPLICE (NO HOLES IN MAIN MATEWAL) 

Courtesy of American Institute of Steel Construction. 

Fig. 176. 



240 



WELDED DESIGN 



Bo/fs 



Seat Angle 

Free End Connection 



n — 



0 



Beam Connecting to Column Flange 
(Free £nd) 



n — ''^ — r 









^Block f lange 
I > I Top & Bottom 

^4-^ 1 Far Side 




YiCutO.S.L!^ Angle 



Beam Connectin g fo Column Flan ge 

Jfree End) 



-Single Bevel 
Butt Weld in Field. 



—Angle Stiffened 
. A or Unstiffened. 



Semi -R i gid Connection 



Fig.m 

Other Examples of T y pical 
Beam to Column Framin g. 



COLUMN SPLICES AND DETAILS 



241 



RECOMMENDED TENTATIVE STANDARD DETAILS 



TYPICAL BEAM DETAILS 




For Fllling-ln team* where Field Mlin^ it permitt«J 
BEAM WELDED - HOLES IM aiEPER. FoR FILLINii- IS BEAMS 



5pl(ce Pfaie 
loose 





n 


P 




-1 ■ : 








I' ; 
1 

















BEAM CONTINUOUS OVEK CItPER 



Clip If • 




6E4M To amtz 



Courtesy of American Institute of Steel Construction. 

Fig. 178. 
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WELDS FOR ATTACHING ANGLES 



Tension or 
Compresston 



Assume Dj = D2 = D 

Weld Size D=Angle thickness T 

Allowable shear on leg of fillet weld 9.6 K/in' 



Then K = 



Pa 
9.6AD 



L = 



P(A-a) 
.9.6AD 



Eccentricity about Y Y axis has been 
neglected. If leg BTA and D2Z 2T the 
additional stress induced in the weld will 
not exceed 25% of the computed stress 

Lengths of welds are adjusted to 
nearest Jj'I Since no weld should be 
shorter than four times the weld size It 
may be necessary to increase the lengths 
of short weJds. 

2 

Since for any particular case length 
of weld times size of weld is a consta.nl., 
either may be varied by proportion. 



New Length 
Tabular Length 



^ Tabular Size 
New Size 



* Special Sizes 



Size 
of 
Angle 



8x 8 
8x 6 
8x4 
7x4 
6x6 
6x4 

* 6x3!^ 
5x5 
5 x 3Js 

* 5x3 
4x4 
4x3J^ 
4x3 

354 X ZH. 
X 3 
* 3Ji X 2Ji 
3x3 
3x2J^ 

* 3x2 
2J5x2}i 
21^x2 

2x2 
2x154 
l%x \H 
W X 1!^ 
154 X 155 
W X W 
1 X 1 



Lengths of Welds for Various Unit Stresses in Angles 



20K/ , 


19K/„, 


18K/|„. 


"l/ln' 


16K/,„. 






13K/|„, 






10K/i„, 


K 


L 


K 


L 


K 


L 


K 


L 


K 


L 


K 


L 


K 


L 


K 


1 

L 


K 


1 


l\ 


1 


^ 




9.0 


23.5 


8.5 


22.0 


8.0 


21.0 


7.5 


20.0 


7.0 


18.5 


7.0 


17.5 


6.0 


16.5 


5.0 


15,0 


5.5 


14.0 


5.0 


13,0 


i£ 


— 


9.0 


20.0 


8.0 


19.0 


8.0 


17.5 


7.5 


16 5 


7.0 


15.5 


6.5 


15.0 


6.0 


14.0 


5.5 


13,0 


5.0 


12.0 


5.0 


10.5 


4,0 




8.5 


15.5 


8.0 


15.0 


7.5 


14.0 


7.5 


13.0 


7.0 


12.5 


6.5 


11.5 


6.0 


11.0 


5.5 


10,0 


5.0 


9.5 


4.5 


8,5 


4,0 
















6.5 


12.5 


6.0 


12.0 


6.0 


1 1.0 


5.5 


10.0 


5.0 


10.0 


4.5 


9.0 


4.5 


8.0 


4.0 


7,0 


6.5 


17.5 


6.5 


17.0 


6.0 


16.0 


6.0 


15.0 


5.5 


14.0 


5.5 


13.0 


5.0 


12.0 


4,5 


11.5 


4.0 


11.0 


4.0 


10.5 


3.5 


8,5 


6.5 


14.0 


6.5 


13.0 


6.0 


12.5 


5.5 


11.5 


5.0 


11.0 


5.0 


10.0 


4.5 


9.5 


4,5 


8,5 


4,0 


8,0 


3.5 


7.5 


3.0 


7,0 


6.5 


12.5 


6.0 


12.0 


6.0 


11.0 


5.5 


10.5 


5.0 


10.5 


5.0 


9.5 


4.5 


9.0 


4.5 


8,0 


4,0 


7.5 


3.5 


7.0 


3.0 


6,5 


5.5 


14.5 


5.0 


14.0 


5.0 


13.0 


5.0 


12.5 


4.5 


11.5 


4.0 


11.0 


4.0 


10.0 


3,5 


9,5 


3,5 


9.5 


3.0 


8.0 


3.0 


7,0 


5.5 


11.5 


5.0 


11.0 


5.0 


10.5 


4.5 


10.0 


4.5 


9.0 


4.0 


9.0 


4,0 


8,0 


3.5 


7,5 


3,5 


7.0 


3.0 


6,5 


3,0 


5,5 


5.5 


10.5 


5.0 


10.0 


5.0 


9.5 


4.5 


9.0 


4.5 


8.5 


4.0 


8.0 


4,0 


7,5 


3.5 


7.0 


3,0 


6.5 


3.0 


6,0 


3,0 


5,0 


4.5 


12.0 


4.5 


11.0 


4.0 


10.5 


4.0 


10.0 


3.5 


9.5 


3.5 


8.5 


3,5 


8,0 


3,0 


7,5 


3.0 


7.0 


2,5 


6,5 


2,5 


5.5 


4.5 


10.5 


4.5 


10.0 


4.0 


9.5 


4.0 


9.0 


3.5 


8.5 


3.5 


0.0 


3,0 


7,5 


3,0 


6.5 


3.0 


6.0 


2,5 


6,0 


2,5 


5.0 


4.5 


9.5 


4.5 


9.0 


4.0 


8.5 


4.0 


80 


3.5 


8.0 


3.5 


7.0 


3,0 


7,0 


3,0 


6,5 


3.0 


5,5 


2,5 


5.5 


2,5 


4.5 


4.0 


10.0 


4.0 


9.5 


3.5 


9.5 


3.5 


8.5 


3.0 


8.5 


3.0 


7.5 


3,0 


7,0 


2,5 


6,5 


2,5 


6,0 


2.5 


5 5 


2,0 


5.0 


4.0 


9.0 


4.0 


8.5 


3.5 


8.5 


3.5 


7.5 


3.0 


7.5 


3.0 


7.0 


3,0 


6,5 


2,5 


6,0 


2,5 


5.5 


2.0 


5.0 


2.0 


4,5 


4.0 

3.5 


8.0 


4.0 


7.5 


3.5 


7.5 


3.0 


7.0 


3.0 


7.0 


3.0 


6.0 


3.0 


5,5 


2,5 


5.5 


2,5 


5,0 


2,0 


4.5 


2.0 


4,0 


S.5 


3.5 


8.0 


3.0 


8.0 


3.0 


7.0 


3.0 


7.0 


2.5 


6.5 


2,5 


6.0 


2,0 


60 


2,0 


5.5 


2.0 


4,5 


1,5 


4,5 


3.5 


7.5 


3.5 


7.0 


3.0 


7.0 


3.0 


6.5 


3.0 


6.0 


2.5 


6.0 


2.5 


5,0 


2,0 


5,0 


2.0 


4.5 


2.0 


4.0 


1,5 


4,0 


3.5 


6.5 


3.0 


7.0 


3.0 


6.0 


3.0 


5.5 


2.5 


5.5 


2.5 


5.0 


2,0 


5,0 


2,0 


4,5 


2,0 


4.0 


2.0 


35 


1,5 


3,5 


3.0 


7.5 


3.0 


7.0 


2.5 


6.5 


2.5 


6.0 


2.5 


5.5 


2.0 


5.5 


2,0 


5.0 


2,0 


4,5 


1,5 


4.5 


1,5 


4.0 


1,5 


3,5 


3.0 


6.5 


3.0 


6.0 


2.5 


6.0 


2.5 


5.0 


2.5 


5.0 


2.0 


5.0 


2,0 


4,5 


2.0 


4,0 


1,5 


4.0 


1,5 


3,5 


1,5 


3,0 


2.5 


5.5 


2.0 


5.5 


2.0 


5.5 


2.0 


5.0 


2.0 


4.5 


1.5 


4.5 


2,0 


4,0 


1.5 


4,0 


1,5 


3.5 


1,5 


3,0 


1,0 


3,0 


2.5 


4.5 


2.5 


4.5 


2.0 


4.5 


2.0 


4.0 


2.0 


4.0 


2.0 


3.5 


1,5 


3,5 


1,5 


3,0 


1,5 


3.0 


1,5 


2,5 


1,0 


2,5 


2.0 


4.0 


2.0 


4.0 


1.5 


4.0 


1.5 


3.5 


1.5 


3.5 


1.5 


3.0 


1.5 


3,0 


1.6 


2,5 


1,5 


2.5 


1,0 


2,5 


1.0 


2,0 


1.5 


3.5 


1.5 


3.5 


1.5 


3.5 


1.5 


3.0 


1.5 


3.0 


1.5 


2.5 


1,5 


2,0 


1,5 


2,0 


1,0 


2.0 


1,0 


2,0 


1.0 


2.0 


1.5 


3.0 


1.5 


3.0 


1.5 


2.5 


1.5 


2.5 


1.0 


2.5 


1.0 


2.5 


1.0 


2,0 


1.0 


2.0 


1,0 


2.0 


1,0 


1,5 


1.0 


1,5 


1.0 


2,0 


1.0 


2.0 


1.0 


2.0 


1.0 


2.0 


1.0 


1.5 


1.0 


1.5 


1.0 


1,5 


1.0 


1.5 


0.5 


1.5 


0,5 


1,5 


0,5 


1.5 


1.0 


1.0 


1 0 


1.0 


1.0 


1.0 


0.5 


1.0 


0.5 


1.0 


0.5 


1.0 


0.5 


1,0 


0.5 


1.0 


0.5 


1.0 


0,5 


0,5 


0.5 


0,5 
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CHART NO. 1 I 

These ten design charts are presented by courtesy of the Fabricated Steel Divt, 
sion of the Bethlehem Steel Company. 
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ALLOWABLE ECCENTRIC LONGITUDINAL LOADS 
ON SHORT FILLET WELDS. 




Allowable Load in Kips=P 



Courtesy Bethlehcm.Steel Company-Fabricated Steel Construction Jt-20'3S 

CHART NO. 2 
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WELDED DESIGN 



ALLOWABLE ECCENTRIC LONGITUDINAL LOADS 
ON FILLET WELDS 




DESIGN CHARTS 
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ALLOWABLE LOADS ON STIFFENED SEATS 



Centre of rotation 
at c. of g. of welds 



.2L 



.2L 



kT 




R R = 



23.04DLf 



24t 



— K 



Connection may be made 
from split beam or two 
plates. Thickness T should 
be not less than the thickness 
of beam web. 

If seat is made 



Weld Size = D 



«80- 
400- 
^O' 
440- 




a2ft.260. 



For Values of Cs and a from split beam, welds 
See Chart 9 at X are not required. 

Neutral axis assumed at 
c. of g. of welds and allowable 
load 9.6K/in^ on leg of fillet weld, 



Example:- Given e = 4 R=43K 

Req'd. Lengths -^''Welds 
Result •L=10" 

Horizontal Welds 2" 




a£0: MS: 



400- -240 ■200' -160- 



7 8 9 10 II 12 13 14 15 16 17 18 19 20 21 22 23 24 25 26 27 28 29 30 



Weld Size = D 



Length of Vertical Welds = L 



Courtesy Bethlehem Steel Company— Fabricated Steel Construction 3-S-S3 
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WELDED DESIGN 



-aL- 



ALLOWABLE ECCENTRIC LOADS ON PAIRS OF FILLET WELDS. 

— VERTICAL WELDS— 

P p 19.2 3(2a-K) 

Upper Chart = ^^=_g= where C- j^g^j 

CTomuljii by G.D. Fish— A.W.S. Handbook) When a.== 

p 

Lower Chart Solves for Various weld sizes. 



0.5K 



p-.J]^ J|<-D Based on 9.6 Kips Shear per Sq. inch on leg of fillet weld 
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ALLOWABLE ECCENTRIC LOADS ON PAIRS OF FILLET WELDS 
— HORIZONTAL WELDS — 



p Upper Chart fE-= _Jp=_ Where H = 

(Formulae byG.D. Elsh^A.W.S. Handbook) When a=?0.5K 

P 

Lower Chart Solves "ql" Various weld sizes. 
Based on 9.6 Kips Shear per Sq. inch on leg of fillet weld. 



Example 
30", 

t 
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WELDED DESIGN 



ALLOWABLE ECCENTRIC LOADS ON GROUPS OF FILLET WELDS. 




Where J = 



, P 19.2(1 + K) 

p Upper Chart =^^j_= 

(Formulae by G.D. Fish— A.W.S. Handbook) 
P 

Lower Chart Solves for Various weld sizes. 
Based on 9.5 Kips Shear per Sq. inch on leg of fillet weld. 



3(2a-K) 
(1 + K)2 

When a^O.SK 



Example 




Courtesy Bethlehem Steel Company Fabricated Steel Construetion S-S-39 
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MOMENTS IN PUTES. 



1^" n r 

e 



T M = Pe 



STD' 



P 6 

where S=unrt stress 



Example:-Given ■ P = 50K e=10 
If plate depth =18" and 
unit stress 20,000 p.s.i. T=ii" 




-Weld 



^ 13,600 p.s.i. VALUES OF PAIRS OF FILLET WELDS. 

I For Tension in Plate — Weld Size=P|ate TIjickness 
< — Plate 

15 000 p s i Shear in Plate— See Table Below 



Size of fillet 
welds 






H 


a 










% 


% 




1 




IH 


Thickness of 
plate 


% 




He 










'^16 


^6 


1 




1% 


1% 


2 



Courtesy Bethlehem Steel Company- Fabricated Steel Cojistruciion. s-S-39 
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WELDED DESIGN 



WEB CRIPPLING OF BEAMS ON SEATS 



R = Reaction or Load 

a= Length of bearing 
on seat to produce 
24,000 psi crippling stress 
in beam web. 

e|= + ^" for flexible seats 



is= w — g- for stiffened seats 



From A.l.S.C. Spec. 
(Revised 1936) 




Distance from bottom of Beam 
to edge of fillet = K or 0 in Bethlehem Manual. 

Note es may not be less than 




Courtesy Bethlehem Steel Compaji,/ Fabricated Steel Construction i-W-SS 
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ALLOWABLE ECCENTRIC TRANSVERSE LOADS 
ON FILLET WELDS 



P. _ 9.6LD Based on 9.6 Kips Shear 

^~ 1 J. 6e per Sq. inch on leg 

TT of fillet weld. 




Allowable Load in Kips=P 



CouiAeBy Bethlehem Steel Company-Fabricated Steel Construction i-lO-SS 
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CHAPTER XII 
COLUMN BASES AND FOUNDATIONS 

110. General. Earth, varying in supporting power from rock to 
quicksand, is the foundation on which all structures rest, and in the 
words of Terzaghi: 

The problems of foundation engineering are as inseparably associated 
with the problems of structural engineering, as is the shadow with the light, 
because one cannot conceive of a structure without a foundation. 

In spite of the fact that man has been building structures for endless 
centuries, a large proportion of structural failures have been due to 
foundation weaknesses. Since 1930, tremendous advances have been 
made in both the theory and practice of foundation design, largely due 
to the work of Dr. Karl Terzaghi and the impetus given to the study 
by his writings.* 

It is not the purpose of this chapter to go into the science of soil 
mechanics, as that subject is well covered by numerous recent articles 
and several textbooks,! but a brief discussion will be given of some 
of the problems arising, and methods of design presented for the foot- 
ings above the subsoil. 

111. Exploration of Foundation Site. An architect or engineer 
seldom should proceed with the foundation design without an investi- 
gation of the subsoil upon which the foundation will rest. Sometimes 
data concerning the subsoil conditions rest on hearsay, and the lack 
of such investigations is excused on the grounds that the cost of the 
structure is too Small to warrant the expense of an exploration. 
Exploration costs are sometimes high, but the information obtained 

* " The Science of Foundations — Its Present and Future," by Dr. Karl Terzaghi, 
Trans. Am. Soc. Civil Engrs., Vol. 93. 1929, p. 270. 
t Soil Mechanics, by D. P. Krynine. 

Soil Mechanics and Foundations, by Fred L. Plummer and Stanley M. Dore. 

Applied Soil Mechanics, by W. S. Housel. 

Building Construction, Second Edition, by W. C. Huntington. 

Design of Masonry Structures, by C. C. Williams. 

A Selected Bibliography on Soil Mechanics, prepared by the Committee of the 
Soil Mechanics and Foundation Division, American Society of Civil EngineerB. 
Published as a manual by the Society, 1940. 
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may prevent future costly repairs or even the collapse of the structure. 

One of the oldest methods of exploration is the test pit, and for 
shallow depths it is superior to all others. The test pit exposes the 
soil for close scrutiny. Samples may be secured and tested, and, if 
desired, static load tests for determining the bearing capacity may 
be made. For greater depths the cost may be excessive, especially 
if water is encountered. 

Some information as to the depth to solid strata, the presence of 
soft layers of soil, and the general characteristics of the subsoil may 
be obtained by driving small steel rods, by means of a sledge or 
otherwise, and noting the penetration per blow at various depths. The 
interpretation of such data requires an investigator of considerable 
experience and skill, as the " personal factor " entering into the work 
is very great. The Engineering Experiment Station of the Ohio State 
University, in cooperation with the Ohio Department of Highways, 
has built a machine consisting of a small pile hammer and sectional 
drive rods for this purpose.* This machine has been in use by the Ohio 
Highway Department for some time, and considerable skill in corre- 
lating test results with performance in actual structures has been 
developed. 

Wash borings have been widely used but frequently are unreliable. 
The method consists of driving a well casing and bailing or washing 
out the material with a stream of water under pressure. The material 
washed out is then examined and classified by its appearance and 
feel. The material obtained gives little indication of its undisturbed 
condition. Some information may be gained from the resistance of 
the casing to driving. Partially undisturbed samples may be obtained 
by using the wash boring method to clean the casing, then driving a 
smaller pipe into the soil at the bottom and recovering a sample of 
the soil. This method gives satisfactory samples if the soil is of such 
a character that it will remain in the sampler when it is withdrawn. 

Core borings are made by use of a rotating bit which cores out a 
sample and removes it for inspection and tests. This method is used 
in rock and dense clay. The drill may be a diamond drill, shot drill, 
or steel tooth cutter. 

112. Safe Bearing Loads. The determination of the safe bearing 
capacity of a soil has been largely a matter of experience, performance 
of existing buildings built on the same soil strata, and static loading 

* " The Predetermination of Piling Requirements for Bridge Foundations," by 
K. V. Taylor, C. T. Morris, and J. R. Burkey, Bulletin 90, Engineering Experiment 
Station, Ohio State University. 
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tests. The exploration methods indicated in the preceding article 
enable an experienced engineer to compare one site with another, and 
disclose the presence of highly compressible strata or the depth to 
rock or a firm subsoil. These data assist in determining the safe 
bearing capacity. Building codes and specifications usually list safe 
allowable foundation loads for different types of soils. They are 
based on past experience and general practice but make no allowance 
for the extremely variable character of the soil in an area. Blind use 
of them is dangerous. 

Static loading tests to determine the bearing capacity of a soil are 
usually reliable, but should be carried out and interpreted according 
to sound engineering principles.* Loading tests made upon a single 
small known area are not sufficient to establish a relation between re- 
sistance provided by shear on the perimeter and direct compression 
on the base of the footing. In making static loading tests several 
different bearing areas should be used in order to establish the 
perimeter-area relationship. 

113. Settlement. Settlement is usually present in some degree in all 
structures unless founded upon rock. If settlement is present, it is 
desirable that it be uniform over the entire structure. Unequal settle- 
ment from footing to footing results in the cracking of walls and 
plaster and may seriously modify the computed stresses throughout 
the structure. The elimination of this differential settlement is de- 
pendent upon the proper proportioning of the footing areas to the 
permanent loads they have to carry and the recognition of the vari- 
able character of the subsoil over the building site. 

Settlement is due to the consolidation of the underlying material 
and to the structural failure of the subsoil in shear. The approximate 
amount and rate of settlement are predictable by making certain load 
and laboratory tests on undisturbed samples of the soil. 

Tests and observations have shown that clay and silty soils having 
a high percentage of voids have been the worst offenders from the 
standpoint of settlement. These deposits may occur at a considerable 
depth below the foundation and still contribute greatly to the settle- 
ment. Since any soil strata some distance below the surface have 
usually undergone consolidation due to the weight of the overburden, 
it is evident that a unit foundation load equal to that produced by 
the original overburden should maintain this stable condition. In fact 

*"A Practical Method for the Selection of Foundations," by W. S. Housel, 
Engineering Research Bulletin 13, University of Michigan, 1929. 
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this is a procedure often used in assigning a safe bearing power to a 
highly compressible soil.* 

114. Proportioning Footing Areas. The object of all foundation 
design is to provide safe bearing pressures for the maximum loads, and 
to maintain equal settlements throughout the structure. All dead 
and live loads eventually reach the column footings and are dis- 
tributed to the soil below. It will be remembered that in computing 
the column loads the live load per unit of floor area was reduced by 
certain prescribed amounts from the top floor downward (see Art. 4) . 
This procedure is intended to yield the maximum live load to be carried 
by any lower-story column and by its footing, but it is not probable 
that this maximum load will be applied to the footing continuously for 
any great length of time. In determining the least permissible area 
for a footing, the maximum probable total load should be used. But 
in proportioning the relative footing areas, the probable loads con- 
tinuously present should be used, because temporary loads contribute 
little to the ultimate settlement, and the footing areas must be so pro- 
portioned that their settlements are equal. The amount of live load 
continuously present must be estimated from the contemplated use 
of the structure. 

In proportioning the footings, it is not necessary to consider the 
direct loads due to wind unless the dead load is not sufficient to 
overcome any tendency to uplift. 

In an office building a live load of not more than 10 lb per sq ft need 
be taken into account in proportioning the footings. In warehouses 
or buildings in which heavy loads are to be continuously present, 
these should be added to the dead, load in calculating foundation areas. 
The center of the footing area should coincide with the resultant pres- 
sure. Otherwise the footing will settle unequally and tend to rotate. 

lis. Column Bases. When column loads are heavy and the column 
bending moments are not excessive, column bases are usually made of 
steel slabs 2 to 8 in. thick and of sufficient size to distribute the load over 
the top of the footing without exceeding the permissible bearing pres- 
sure. The distribution of stresses in such a base plate is indeterminate. 
Figure 179 shows such a base slab. 

According to the handbook of the American Institute of Steel Con- 
struction it is safe to assume the load from the column to be delivered 
to the base slab as uniformly distributed over a rectangle whose dimen- 

* See account of foundation designs for the New England Mutual Life Insurance 
Building in Boston, Mass., and the Telephone Building in Albany N. Y 
" Building on Soft Clay," Eng. News-Record, Nov. 23, 1939. 
Soil Mechanics, by D. P. Krynine, p. 223. 
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sions are 0.95d by 0.806, in which d is the depth of the column section 
and b is the width of the flange. The outside dimensions of the slab 
should be such that the projections in each direction beyond the 
rectangle above described are approximately equal. The upward pres- 
sure, p, from the footing is assumed to be uniform. These dimensions 
are shown in Fig. 179. 



Base Slab 



mil t iiitiitiii 



M 



n 

LI 



N 



F ig. 179 

Tests made at the University of Illinois* on concrete base slabs 
indicate that the moments of the pressures exerted on the trapezoids 
shown dotted in Fig. 179 about the edges of the central rectangle are 

M = {OAbm^ + 0.6m^)p, for section JK 

or 

M = (0A75dn^ + 0.6n^)p, for section MiV 

The effective widths of these sections, to be used in calculating the fiber 
stresses, may be taken as 

b' = 0.86 + n + t, for JK 

* Bulletin 67, University of Illinois Engineering Experiment Station. 
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and 

d' = 0.95d + m + <, for MN 

Let us assume that the lower story column in Fig. 179 is a 14 in H 300 
lb., that the maximum total load on the column is 1387 kips, and that 
the permissible unit pressure on the foundation is 600 lb per sq in. Then 
the required size of the base slab will be 

1387 

A = ■ = 2312 sq m. 

0.6 ^ 

h = 16.18 in. 0.86 = 12.94 in. 

d = 17.0 in. 0.95d = 16.15 in. 

Rolled steel slabs for bearing plates come in widths varying by 4 in., 
from 16 in. to 56 in. A slab 48 in. X 50 in., with the long dimension 
parallel to the column web, will give 2400 sq in. bearing area. 

For the section MN, 

p = 578 psi m = 16.92 n = 17.53 in. 
M = 3,303,300 in.-lb d' = 38 in. (approx.) 

For an allowed unit stress of 20,000 psi on steel, 

6 X 3,303,300 ^ 
20,000 X 38 

For the section JK, 

M = 2,750,700 in.-lb b' = 35.5 in. 

,2 _ 6 X 2,750,700 _ 23 o which is less than required 
~ 20,000 X 35.5 ~ ■ ' for section MN 

A slab 48 in. X 5i/^ in. X 50 in. planed to 5% in. may be used. 

The lower end of the column shaft should be carefully milled and 
the top of the base slab planed, to insure an even bearing. Extreme 
care is necessary in setting the base slabs on the footing, to insure a 
level top surface. A slight deviation of the top surface from a hori- 
zontal plane will cause a large bending moment at the base of the 
column.* 

116. Grillage Foundations. Let us assume that Fig. 98 repre- 
sents the floor plan of a building some 25 stories high. The maximum 
dead and hve load stresses in the lower story columns are shown in kips 
in the table on page 258. 

* See " Dead Load Stresses in the Columns of a Tall Building," by Clyde T. 
Morris, Bulletin 40, Engineering Experiment Station, Ohio State University. 
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Cols. 4, A H, I, 
and / 


Cols. B, C, E, 
and G 


Col. F 


Dead load 


858.0 


1207.0 


1584.0 


Maximum live load 


90.0 


180.0 


270.0 


Maximmn total load 


(\A Q n 

y-io .u 


1 'i&7 n 
looi .u 




Estimated permanent live load 


30.0 


60.0 


90.0 


Total permanent load 


888.0 


1267.0 


1674.0 



Suppose also that explorations and tests at the site disclose a uni- 
form sandy clay formation which, it is estimated, will safely carry a 
bearing load of 4 tons per sq ft. 

In this first grillage design it is assumed further that the lot is 
of sufiBcient size so that isolated footings may be used without en- 
croachment on a neighboring lot. 

Column F carries the highest proportion of live load, and its foot- 
ing area should be determined first. Then the other footing areas 
must be made proportional to the respective permanent loads. A 
rough estimate of the weight of the footings should be included in these 
loads. These may be corrected later when the design is completed. 



Column F, 



Maximum load = 1854.0 kips 

Estimated weight of footing = 80.0 " 

1934.0 " 

1934.0 , 
Required footmg area = — - — = 242 sq ft 

8 

A footing 15.5 ft X 16.0 ft = 248 sq ft 

Permanent load = 1674.0 kips 
Footing = 80.0 " 



Permanent unit pressure 
Columns A, D, H, I, and J, 



1754.0 
1754.0 
248 



= 7070 lb per sq ft 



Required area = ■ — ^^^^ — = 133 sq ft 
A footing 11.5 ft X 11.5 ft = 132.25 sq ft will answer. 
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Columns B, C, E, and G, 
Required area = 



1267 + 60 
7070 



188 sq ft 



A footing 13.5 ft X 14 ft = 189 sq ft_will answer. 

In designing the footing for column F, a three-layer grillage, approxi- 
mately square, composed of steel beams bolted together with separators 
and filled with concrete as shown in Fig. 180 will be used. As the column 
base will rest directly on the steel beams, the bearing unit stress on the 
concrete is not critical. 




FigJSQ. 

For the upper tier, three beams 21 in. WF X 89 lb will be used. To 
cover these three beams when they are spaced far enough apart to permit 
placing of the concrete, a base slab at least 36 in. wide will be necessary. 
A column base 36 in. X 40 in. will be used. 

Column Base. Referring to Fig. 179, 

b = 16.7 in. d = 18.7 in. m = 11.12 in. n = 11.32 in. 

1854 . 

V = :^ = 1288 psi 

36 X 40 ^ 
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For section MN, 
Mom. 

For section JK, 
Mom. 



2,586,600 in.-lb 
6 X 2,586,600 
20,000 X 34 



d' = 34 in. (approx.) 
= 22.8 t = 4.78 in. 



f = 



2,126,500 in.-lb b' = 29.5 in. (approx.) 

2,126,500 X_6 ^ 



20,000 X 29.5 

Use base slab 36 in. X 5}4 in. X 3 ft, 4 in., planed to 5 in. 
Weight = 2040 lb 

Upper Tier of Beams, 

Load = 1854 + 2.0 = 1856 kips 

Using three beams 21 in. WF X 89 lb, as suggested above, the permis- 
sible length, L, for these beams may be found. 

Mom. = - j) = 232 (L - 40) = Sec. mod. X 20 

3 X 182.8 X 20 = 10,968 = 232L - 9280 
Solving, L = 87 in. 

Weight of upper tier, steel and concrete = 6700 lb 
Middle Tier Beams, 

Load = 1856 + 6.7 = 1862.7 kips 

Length of beams = 15.5 ft (Five beams can be covered by the 7 ft, 3 in. 
length of the upper tier. ) 

Mo„.=l?p(f -f) = 34,925. n.-tips 

34,925 3 
Reqd. sec. mod. = = 1746.2 m.'^ 

JiKj 

Use five beams, 24 in. WF 140 lb. Sec. mod. = 1793 in.^ 
Weight of middle tier, steel and concrete = 39,200 lb 

Lower Tier Beams, 

Load = 1862.7 + 39.2 = 1901.9 kips 
Length of beams = 16.0 ft 
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1901.9/192 87\ ,. 
Mom. = — — ( — - J ) = 24,960 in.-kips 

Reqd. sec. mod. = ^^f^ = 1248.0 in.^ 

Use 12 beams, 16 in. WF X 64 lb. Sec. mod. = 1250 in.^ 

Weight of lower tier, steel and concrete = 55,100 lb 

1901.9 + 55.1 „ 

Max. pressure on soil = — — = 7890 lb per sq ft 

248 

117. Combined Footings. In this article, let it be assumed that 
the lot line in Fig. 98 falls 2.0 ft east of the center lines of columns 
/ and J, and that it is not permissible for the column footings to 
extend east of this line. The north-south dimension of the footing 
is not restricted. It is then necessary that footings F and J be 
combined. 

The combined permanent load on these two columns is 1674.0 + 
888.0 = 2562.0 kips. By proportioning the total area of the combined 
footing to that required for footing F, as the permanent loads on the 
columns are to each other, the required area of the combined footing 
will be 

2562 X 248 , 
Afj = ^gy^ = 380 sq ft 

The center of gravity of this area must coincide with the center of 
gravity of the loads on F and J. This will fall 14.38 ft from column J. 
These conditions may be met by a rectangular footing 11 ft, 73^ in. 
wide X 32 ft, 9 in. long, extending from the east lot line to a point 8 ft, 
9 in. west of column F. 

In designing the footing beams, the maximum loads must be used. 

Column F = 1854 kips 
Column / = 948 " 

Preliminary calculations show that the main beams, 32 ft, 9 in. long, 
will require a total width of about 5 ft, 4 in. in order that the concrete 
may be properly placed between them. The column loads must be 
distributed over this width. Figures 181 and 182 show the designs for 
these column bases. The calculations are simple and similar to those 
shown for the grillage in the preceding article. 

Column F Base. Referring to Figs. 179 and 181, 

6 = 16.7 in. d = 18.7 in. m = 9.12in. n = 7.32 in. 
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V 



= 1839 psi 

28 X 36 



MjK = [6.68 X (9.12)2 ^ 0.6(9.12)3] 1339 = 1,858,700 in.-lb 
Mmn= [8.88 X (7.32)2 ^ 0.6(7.32)^] X 1839 = 1,307,700 in.-lb 

25.5 in. (approx.) for JK 



e = '2" = 21.87 



20 X 25.5 



< = 4.68 in. 

Use base slab 28 in. X 5^ in- X 3 ft, planed to 5 in. 

Weight = 1430 lb 



Column 
14- H 426* 



Shb 2S-x5'x3'-0- 
3 Is 20~xS/.4* 



Z8Std.l'IZ-xS0*- 



Z WF 36" X 230* 
I WF 36" XJS0*-3Z 



'-SZ'-B" 

-3zr-9" 



-.TTT_L± J 



-Z2--0"HlJ 





h=l 




1 — 1 



-a'-£)=— 



Fig, lai 

U'pper Tier Beams, 
Load = 1854 + 1.4 = 1855.4 kips 

Length = 5 ft, 4 in. M = 

8349.2 



1855.4 /64 _ 28\ 
2 V 4 4 / 



8349.2 in.-kips 



Reqd. sec. mod. = 



20.0 



= 417.46 in.3 



Use 3 std. Z's, 20 in. X 81.4 lb. Sec. mod. = 439.8 in.^ 
Weight of upper tier = 4670 lb 
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Column J Base. Referring to Figs. 179 and 182, 

b = 15.8 in. d = 15.75 in. m = 4.52 in. ra = 5.68 in. 

948 

P = TT. 777 = 1646 psi 

24 X 24 ^ 

MjK = [6.32(4.52)2 + 0.6(4.52)^] X 1646 = 303,700 in.-lb 
Mmn = [7.48(5.68)2 + 0.6(5.68)^] X 1646 = 578,200 in.-lb 

d' = 22.5 in. (approx.) iorMN f = ^ ^ ^'^^'^ = 7 38 

20 X 23.5 

t = 2.72 in. 

Use base slab 24 in. X S}4 in. X 2 ft, planed to 3 in. 

Weight = 490 lb 



Column J 
/4'WF ill ' 



ZSfd.I' ZO'x 70' 



ZWF 3S'xl30* 



22''0' 7b tofCofumn F ■ 



H 



Upper Tier Beams, 

Load = 948 + 0.5 = 948.5 kips 
Length = 5 ft, 4 in. M = 



/64 _ 24\ 
\4 



4742.5 in. -kips 
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20 



= 237.1 in.^ 



Use 2 Std. Fs, 20 in. X 70 lb. Sec. mod. = 242.8 in.^ 

Weight = 3030 lb 

Main Beams. See Fig. 183, 

The loads are, at F = 1855.4 + 4.6 = 1860.0 kips 
at J = 948.5 + 3.0 = 951.5 kips 



Co/.F 



Co/.J 
951.5" 



(a) 







« S--S- • 





(c) 



t t t t t t I I t r I I t t I T T 

7" sr.ia" Pressures 84.38" 83.37" 




769.48" ' \78S./3> 

Shears . ' 1 


337 


I090.SZ" — — 

■• IZtT- « 


I6SJ7"^ — 
I66.4''i^ 


Moments 




(d) 



For these loads the pressure on the soil will not be uniform, as it will 

be for the permanent loads, but will be as shown in Fig. 183(6), 88.7 kips 

per lineal ft at the west end and 83.0 kips per lineal ft at the east end. 

Note that the lines in the shear diagram. Fig. 183(c), are not straight. 

The shear is zero and the moment a maximum 12.67 ft from column F. 

The moments are shown in Fig. 183 (d). For the maximum moment the 

3502.0 X 12 ^ . 3 

required section modulus is = 2101.3 m. 

2 WF beams, 36 in. X 230 lb, + 1 WF beam, 36 in. X 150 lb. 

Sec. mod. = 2174 in.' 

Weight = 87,600 lb 
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Lower Tier Beams, 

Load = 1860.0 + 951.5 + 87.6 = 2899.1 kips 

This load produces a unit pressure of 91,380 lb per lineal ft at the west 
end and 85,680 lb per ft at the east end. The maximum bending 
moment for the last foot on the lower tier beams at the west end is 

M = 71,850 ft-lb 



71,850 X 12 „ . a 
Reqd. sec. mod. per ft = — — = 43.11 in. 

Use 28 Std. 7's, 12 in. X 50 lb, spaced about 14 in. c. to c. 
Weight of lower tier = 65,000 lb 

The maximum pressure on the soil is 

91,380 , 65,000 or^o« tu *^ ^ ^ ^ 

— = 8030 lb per sq ft at the west end 

11.62 11.62 X 32.75 
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